
IGS 1 ECSMGE 2019 - Proceedings 
 

  

XVII European Conference on  

Soil Mechanics and Geotechnical 

Engineering - Reykjavík, Iceland 
1 – 6 of September 2019 

 

Geotechnical Engineering,   

foundation of the future 

 

 

Conference proceedings 

 

 



  
ECSMGE 2019 – Proceedings 2 IGS  

Proceedings of the XVII European Conference on Soil Mechanics 

and Geotechnical Engineering, Reykjavík, Iceland 
1 – 6 of September 2019 

Geotechnical Engineering, foundation of the future 

 

© 2019 The authors and The Icelandic Geotechnical Society, IGS:  All rights reserved,  

Except for fair copying, no part of this publication may be reproduced, stored in a retrieval 

system, or transmitted in any form or by any means electronic, mechanical, photocopying, 

recording or otherwise without the prior written permission of the Icelandic Geotechnical 

Society or the author of the respective paper. 

Papers or other contributions in this publications and the statements made or opinions 

expressed therein are published on the understanding that the author of the contribution is 

solely responsible for the opinions expressed in it and that its publication does not necessarily 

imply that such statements or opinions are or reflect the views of the Icelandic Geotechnical 

Society. 

This proceedings are published in digital format only, one volume as e-book including 

Keynotes and invited lectures but all papers indexed and registered. All accepted papers are 

indexed with their own DOI number, in Scopus and Ei Compendex. Presented papers are 

accessible on the conference website and all papers will be accessible through the ISSMGE 

Online Library and via Google Scholar. 

The Proceedings and individual papers are indexed by: 

ISBN 978-9935-9436-1-3  as the proceedings, 

DOI:  10.32075/17ECSMGE-2019-XXXX   
for each indexed paper where XXXX is the abstract number of the paper. 

Edited by. Haraldur Sigursteinsson, Sigurður Erlingsson and Bjarni Bessason 

 

The Icelandic Geotechnical Society encompasses members interested in geotechnical 

engineering, engineering geology and rock mechanics. The members of the Society are 

simultaneously members of one or more of the international societies: 

 ISSMGE - International Society for Soil Mechanics and Geotechnical Engineering 

 IAEG - International Association of Engineering Geology and the environment 

 ISRM - International Society for Rock Mechanics 

 

Jarðtæknifélag Íslands / Icelandic Geotechnical Society 

Website: www. jtfi.net 

http://www.jtfi.net/


IGS 3 ECSMGE 2019 - Proceedings 
 

 

Preface 

 

The Icelandic Geotechnical Society are pleased to welcome you to the XVII European 

Conference on Soil Mechanics and Geotechnical Engineering in Reykjavik, Iceland on the 1st - 

6th of September 2019 

 

The theme of the Conference is: 

"Geotechnical Engineering, foundation of the future" 

 

The themes of the conference embrace all aspects of geotechnical engineering, the foundation 

of current as well as future societies. The future relies on complex civil engineering 

infrastructures and mitigation of potential geo hazards. Geotechnical solutions are required to 

ensure safe and sustainable development, which are rooted in past experiences and enhanced by 

todays research and technology. 

 

The aim of the conference is to share knowledge and experience with our colleagues and 

strengthen the relationship between members of the geotechnical society; introduce 

innovations, research and development, report on successful geotechnical constructions and 

application of design methods, as well as on mitigation and assessment of geohazards. 

 

We hope that this conference exceeds your expectations with interesting papers, posters and 

exhibitions. We gratefully thank all the speakers, authors and reviewers, supporting 

committees, members of ISSMGE technical committees, chairs of sessions and exhibitors as 

well as all other participants making this conference a reality. 

 

We hope you have a pleasant stay in Iceland and look forward to seeing you again. 

 

 

Reykjavík, September 2019 

 

On behalf of the XVII ECSMGE 2019 Organizing Committee 

Haraldur Sigursteinsson  
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Risk assessment and dams –  

Recent developments and applications 

Approche fiabiliste et barrages – Développements récents et applications 
 

S. Lacasse 

Norwegian Geotechnical Institute (NGI), Oslo, Norway 

F. Nadim, Z.Q. Liu, U.K. Eidsvig, T.M.H. Le, C.G. Lin1 

Norwegian Geotechnical Institute (NGI), Oslo, Norway 
1NGI and Tongji University, Shanghai, China 

 
ABSTRACT:  Increasingly, society and standards require "risk-informed" decisions. The paper demonstrates 

the benefits of implementing reliability and risk concepts in dam engineering as a complement to conventional 

deterministic analyses. Reliability evaluations can range from qualitative estimates, to simple statistical evalua-

tions, to full probabilistic modelling of the hazards and consequences for a system of dams. The paper gives an 

overview of basic concepts of reliability-based approaches and illustrates their use with three case studies. The 

paper discusses the strengths of reliability-based analyses and key issues such as tolerable and acceptable risk, 

the meaning of factor of safety, the targets for a margin of safety and the selection of characteristic value for 

analysis. Reliability-based approaches provide useful insight and complementary information. They enable the 

analysis of complex uncertainties in a systematic and more complete manner than deterministic analyses alone, 

both for the design of dams and for their safety evaluation during their lifetime. Reliability and risk-based ap-

proaches assist with preparing engineering recommendations and making decisions.  

 

RÉSUMÉ: La société et les normes exigent de plus en plus de décisions "fondées sur le risque". L'article 

démontre les avantages de la mise en œuvre de concepts de fiabilité et du risque dans le dimensionnement de 

barrages comme un complément aux analyses déterministes classiques. Les évaluations de fiabilité peuvent être 

des estimations qualitatives, de simples évaluations statistiques, ou une modélisation probabiliste complète des 

aléas et des conséquences pour un système de barrages. L'article donne un aperçu des concepts de base des 

analyses fiabilistes et illustre leur utilisation avec des études de cas de trois barrages en remblai rocheux. Le 

document discute des points forts de l'approche fiabiliste et les questions clés telles que le risque tolérable et 

acceptable, la signification du facteur de sécurité, les objectifs pour une marge de sécurité et le choix de la valeur 

caractéristique pour l'analyse. L'article conclut que les approches basées sur la fiabilité fournissent des 

informations complémentaires utiles et permettent d'analyser des incertitudes complexes de manière 

systématique et plus complète que les analyses déterministes, tant pour la conception des barrages que pour leur 

évaluation pendant leur durée de vie. Des approches basées sur la fiabilité et le risque aideront à préparer les 

recommandations d'ingénierie et à prendre de bonnes décisions. 
 

Keywords: Risk assessment, risk management, dams, reliability index, failure probability 
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1 INTRODUCTION 

Karl Terzaghi (1929; 1961) wrote: "Soil engi-

neering projects require a vast amount of effort 

and labor securing only roughly approximate 

values for the physical constants that appear in 

the equations. The results of the computations 

are not more than working hypotheses, subject 

to confirmation or modification during con-

struction. In the past, only two methods have 

been used for coping with the inevitable uncer-

tainties: either adopt an excessively conserva-

tive factor of safety, or make assumptions in 

accordance with general, average experience. 

The first method is wasteful; the second i s  dan-

gerous." 

Concepts of reliability and risk analyses are 

presented to illustrate the benefits of using relia-

bility-based concepts for taking into account un-

certainties and for the design and follow-up of 

dams. The paper discusses the significance of 

level of safety and the influence of uncertainties 

on the computed factor of safety. The need to use 

reliability-based approaches has risen because 

society and standards require more than before 

"risk-informed" design and "risk-informed" deci-

sion-making (ISO2394:2015). Reliability evalua-

tions can range from qualitative estimates and 

simple statistical evaluations to full probabilistic 

modelling of the hazards and consequences for a 

system of dams.  

The paper illustrates the use of the reliability-

based approach with three case studies of em-

bankment dams and summarizes the lessons 

learned. Key issues such as tolerable and accepta-

ble risk and targets for a margin of safety are dis-

cussed. Reliability-based approaches provide 

useful insight and complementary information, 

and enable the analysis of complex uncertainties 

in a more systematic manner than deterministic 

analyses alone, both for the design of dams and 

for the safety evaluation during their lifetime. Re-

liability and risk-based approaches assist with the 

preparation of engineering recommendations and 

with making decisions.  

2 A PRACTITIONER'S APPROACH TO 

UNCERTAINTY 

During a design, the engineer always looks at the 

safety to know whether or not the foundation or 

the geotechnical structure can fail to perform ad-

equately under the applied loads. The many un-

certainties affecting geotechnical calculations 

need to consider their effect on the performance.  

Silva et al (2008) combined historical and 

subjective probabilities (Fig. 1) to establish an 

approximate correlation between safety factor 

and failure probability. The diagram was devised 

for engineering practice. The figure is updated 

from Lambe (1985) and Baecher and Christian 

(2003), and compiles data from over 75 projects 

spanning over 4 decades. The projects include 

zoned and homogeneous earth dams, tailings 

dams, natural and cut slopes and earth retaining 

structures. The annual probabilities of failure for 

the different case studies were quantified itera-

tively, through experience, engineering judgment 

and published (historical) statistics.  

Figure 1 cannot be used to either establish an-

nual probabilities of failure in a design or verifi-

cation situation or a relationship between factor 

of safety and probability of failure. It illustrates 

clearly, however, the effect of the uncertainties 

on the perceived factor of safety. Silva et al 

(2008) classify the structures into categories 

based on a judgment of the level of engineering. 

The level of engineering was established subjec-

tively on the basis of the design practices (inves-

tigation, testing and analysis), documentation, 

construction, operation and monitoring: 

Category I: 

Facilities designed, built, and operated with 

state-of-the-practice engineering; 

Category II: 

Facilities designed, built, and operated using 

standard engineering practice; 

Category III: 

Facilities without site-specific design and sub-

standard construction/operation;  

Category IV: 

Facilities with little or no engineering. 
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The family of curves were anchored on two sets 

of coordinates: a factor of safety of 1.5 for an an-

nual probability of failure of 10-4 based on the 

historical performance of earth dams designed 

and constructed with conservative engineering 

practice (Baecher et al 1980; Whitman 1984; 
Christian et al 1992); and a 50% annual proba-

bility of failure for a safety factor of unity, based 

on a normally distributed uncertainty in the fac-

tor of safety (Vick 1994).  

 

 

Figure 1. Practitioners' view of how factor of safety 

varies with uncertainty (Silva et al 2008) 

 

Figure 1 suggests that, in the view of three 

practitioners (Silva et al 2008), a factor of safety 

of 1.5 can have an annual failure probability be-

tween 10-7 and 10-2 depending on the uncertain-

ties, and a factor of safety of 1.3 an annual failure 

probability between 10-4 and 50%. The range of 

perceived failure probability for a "given" factor 

of safety is extremely wide.  

3 UNCERTAINTIES AND EVENT 

PROBABILITIES 

A statistical distribution is a practical tool to 

quantify uncertainty (Fig. 2), with a mean , a 

standard deviation (SD) and a coefficient of var-

iation, CoV, which is an expression of the size of 

the standard deviation with respect to the mean 

(CoV = SD/).  

Figure 2.  Uncertainty in a parameter 
 

Uncertainties are either aleatoric or epistemic. 

Aleatoric uncertainty (also known as variability) 

is the natural randomness of a property or a load, 

e.g. soil strength or rainfall. The aleatoric uncer-

tainty cannot be reduced. Epistemic uncertainty 

is the uncertainty due to lack of knowledge, e.g. 

measurement and method uncertainty. The epis-

temic uncertainty can be reduced by, e.g. in-

creasing the number of tests or measurements, 

improving the measurement method and/or veri-

fying the calculation procedure with model tests. 

Since the uncertainty is never zero, there is al-

ways a finite, even if small, probability that a 

failure may occur. 

Both load and resistance have uncertainties 

(Fig. 3). Failure probability relates to the overlap 

of the two uncertainty distributions. Høeg and 

Murarka (1974) illustrated how uncertainties in-

fluence the probabilistic design of a retaining 

wall based on partial safety factors. 

Uncertainties, their sources and their treat-

ment could be a paper in itself. The quantifica-

tion of uncertainties is not part of this paper. The 

reader can refer to several books and papers on 

this subject, including Ang and Tang (2007), 

Baecher and Christian (2003), Keaveny et al 

(1990), Lacasse and Nadim (1996), Lacasse et al 
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(2017), Nadim (2015), Tang (1973; 1984; 1987) 

and Uzielli et al (2006). This paper concentrates 

on risk-based approaches and the insight they 

bring to improve the design and safety of dams. 

The use of risk-based approaches is illustrated 

with case studies of dams.  

Figure 3. Potential overlap of load and resistance 

 

The engineering literature (e.g., Morgenstern 

1995; Vick 1994) identifies three ways of esti-

mating annual event probabilities: (1) based on 

the frequency calculated from observations (his-

torical data); (2) derived from probability theory 

(reliability-based design with some mathematical 

modelling); and (3) using and quantifying, where 

possible, expert judgment (subjective probabili-

ties).  

Benjamin and Cornell (1970) stated that "the 

sources of the probability [estimates] may in-

clude observed frequencies, deductions from 

mathematical models, and in addition, measures 

of an engineer’s subjective degree of belief re-

garding the possible states of nature".  

4 SAFETY FACTOR 

Figure 4 shows that a design with a high factor of 

safety can have higher annual failure probability 

than another with a lower factor of safety. A 

higher safety factor, as commonly calculated, 

does not necessarily imply a smaller risk, because 

it is affected by the uncertainties in the analysis. 

The curves in Figure 1 reflect the concept in Fig-

ure 4: a design with a high factor of safety can 

have a higher probability of failure than another 

with a lower factor of safety. A higher factor of 

safety does not imply a smaller risk. Duncan 

(2000) pointed out that: "Through regulation or 

tradition, the same value of safety factor is ap-

plied to conditions that involve widely varying 

degrees of uncertainty. This is not logical". 

Safety factor is therefore not a sufficient indi-

cator of safety because it does not account for the 

uncertainties in the analysis. 

Soil properties and quality of engineering are 

not the only sources of uncertainty. The methods 

used to calculate stability, displacements or bear-

ing capacity have themselves significant uncer-

tainties. Nadim and Lacasse (1992) gave an ex-

ample where stability analyses were done with 

the so-called effective stress and total stress ap-

proaches on a 'contractant' and a 'dilatant' soil. 

The computed failure probability differed signif-

icantly for each approach, although the computed 

factors of safety for the dilatant material were 

nearly the same. The differences in the calculated 

safety factors and the nominal failure probabili-

ties were due to the different uncertainties in soil 

parameters and calculation methods.  

 

 

Figure 4. Safety factor and failure probability (Pf ) of 

a slope (Lacasse and Nadim 1996) 
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5 RELIABILITY CONCEPTS 

The terminology in this paper is consistent with 

the recommendations of ISO 31000:2018: 

Danger (Threat): 

Phenomenon that could lead to damage.  

Hazard: 

Probability that a danger (threat) occurs within a 

given period of time. 

Exposure:  

The circumstances of being exposed to a threat. 

Vulnerability: 

The degree of loss to a given element or set of 

elements affected by a hazard. 

Risk:  

Measure of probability and severity of an effect 

to life, health, property or environment. 

Risk is the product of the probability of an event 

occurring (hazard) with the consequences due to 

this event. The consequences depend on expo-

sure and vulnerability of the elements at risk. 

ISO 31000:2018 defines risk as the "effect of un-

certainty on objectives". Consequences can be 

positive or negative and risk can be positively or 

negatively affected by changing circumstances. 

5.1 Deterministic and probabilistic analysis 

The terms "deterministic" analysis and "proba-

bilistic" analysis are used.  

 A deterministic system is one in which no 

randomness is involved in the estimate of fu-

ture states of the system. A deterministic 

analysis aims at demonstrating that a facility 

is tolerant to identified faults or hazards 

within a "design basis", and evaluates a 

"nominal" performance. The approach does 

not consider the full range of possible out-

comes nor quantify the likelihood of each of 

the outcomes. Deterministic scenario(s) may 

underestimate the risk.  

 A probabilistic analysis aims at providing an 

estimate of the risk associated with a facility, 

and an estimate of the uncertainties in-

volved. Probabilistic risk assessments help 

understand and account for the uncertainties. 

Discussing the uncertainties will, in any 

case, usually promote a debate that should 

lead to more insight and robust decisions.  

While a deterministic analysis considers the im-

pact of a single scenario (and a single set of input 

data), a probabilistic analysis attempts to include 

all possible scenarios, their likelihood and im-

pact. A probabilistic analysis is comparable to 

series of sensitivity analyses (many thousands, 

even millions, of analyses). 

5.2 Margin of safety 

The objective of a safety assessment is to demon-

strate that the risk associated with a facility is ac-

ceptable. The conventional way is to use a "deter-

ministic" safety factor, FS. A safety factor of 1.5, 

for example, is often used to account for the com-

bination of uncertainties in the ground, in the 

analysis parameters and the calculation method. 

There is a general perception that a design with a 

safety factor FS ≥ 1.5 has to be "safe".  

Reality is not so simple. A safety factor 1.5 

represents a spectrum of failure probabilities, 

which depend on the uncertainties in the analysis. 

In a safety assessment, the engineer aims to 

quantify the margin of safety (M). Margin of 

safety is defined as:  

𝑀 = 𝑅𝑒𝑠𝑖𝑠𝑡𝑎𝑛𝑐𝑒 – 𝐿𝑜𝑎𝑑 (1) 

With M > 0, the structure is safe; if M ≤ 0, the 

structure is not safe. There is also an uncertainty 

in the safety margin (Fig. 5), and the failure prob-

ability, Pf, is the zone under the probability dis-

tribution of M where M ≤ 0. 

5.3 Reliability-based design 

There are three approaches to design:  

 The "Working stress" design (WSD) is the 

traditional approach based on an overall fac-

tor of safety, and has been used for a long 

time.  

 Modern design codes are based on partial 

safety factors (or coefficients): the LRFD 
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approach (Load and Resistance Factor De-

sign) in North America and the characteris-

tic values and "partial safety factors" ap-

proach in Europe. The partial safety factors 

(also in the LRFD approach) are used to re-

flect the level of uncertainty and/or the rela-

tive importance of a particular parameter in 

design. 

 Reliability-based design (RBD) using a tar-

get annual failure probability or target relia-

bility index to verify margin of safety. 

 

Figure 5. Safety margin and failure probability 

 
5.3.1 Reliability index and failure probability 
An alternative to using failure probability is to 

express the safety target in terms of an annual re-

liability index, . Reliability index has a more 

positive connotation than failure probability and 

the two terms are directly correlated. Reliability 

index refers to the number of standard deviations 

between the mean safety margin and failure 

(M=0) in Figure 5. Reliability index is defined as:  

 𝛽 =
𝑀𝑚𝑒𝑎𝑛

𝑆𝐷
 (2) 

Figure 6 gives the relationship between failure 

probability and reliability index for a normally 

distributed safety margin. For example, a reliabil-

ity index (-value) of 3.7 corresponds to a failure 

probability (Pf) of 10-4 and a -value of 4.3 to a 

Pf  of 10-5. Similar curves exit for other distribu-

tions, e.g. the lognormal and triangular distribu-

tions. 
Practice should use the concept of reliability 

index. Failure probability reminds of failure, re-
liability index refers to the reliability of a dam 
("Fiabilité" in French, which is a synonym for 
"trustworthiness"). 

 

 
Figure 6.  Relationship between probability of failure, 

Pf, and reliability index  (normal distribution) 

 
5.3.2 Deterministic or probabilistic safety tar-
get 
For large dams, there are often discussions of the 

safety target to achieve, and whether the safety 

target should remain the same during the entire 

life. The individuals downstream of a dam should 

not be exposed to a higher risk with time, and any 

potential environmental damage should not in-

crease with time.  

What should be the safety target during the 

life of a dam? Is a fixed deterministic safety fac-

tor sufficient to ensure the same safety margin 

throughout the lifetime of a dam? A safety level 

can be reflected in a constant annual failure prob-

ability, but not necessarily in a constant safety 

factor, because the uncertainties are not the same 

during the life of a dam, the likelihood of events 
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may change and the consequences change with 

the downstream development.  

A target annual failure probability, on the 

other hand, allows a more consistent comparison 

of the safety margin at different times of the life 

of a dam. A dam in operation for 50 years, rep-

resents 50 years of evaluated experience, not un-

like a prototype test on site for 50 years under 

operation and environmental loads. In most 

cases, the uncertainties under design and con-

struction will have reduced with time as more in-

formation and data become available, and as the 

performance of the dam is experienced over 50 

years. The reliability-based approach can ac-

count for the observations and experiences dur-

ing the course of operation of the dam.  

5.4 Risk assessment and management 

Risk management is the process of identifying, 

analysing and assessing risks to enable informed 

decisions on accepting or treating and control-

ling risks to minimize them. Risk management 

integrates the recognition and assessment of risk 

with the development of appropriate risk mitiga-

tion strategies.  

Risk management comprises six main tasks: 

(a) Danger or hazard identification; (b) Causal 

analysis of the dangers or hazards; (c) Conse-

quence analysis, including vulnerability analy-

sis; (d) Risk assessment combining hazard, con-

sequence and uncertainty assessments; (e) Risk 

evaluation of whether the risk is acceptable or 

not; and (f) Risk treatment (or risk mitigation). 

Risk management has been formalised into a 

framework by ISO 31000:2018, with an inte-

grated process involving communication and 

consultation on the one hand, and monitoring 

and review on the other hand. The process sys-

temizes knowledge and uncertainties, to evaluate 

the significance of risk and for comparing op-

tions. In 2018, ISO added a "recording and re-

porting" requirement, and the entire risk assess-

ment and management process is assimilated to 

a revolving circle.  

There are several methods to do risk assess-

ment, from simple qualitative risk matrices to 

more advanced numerical tools. Lacasse and 

Nadim (2007) summarized many of the methods 

in detail, and the methods are only briefly men-

tioned herein. 

 
5.4.1 Qualitative methods 
The most common tool is the "traffic-light" ma-

trix (Fig. 7). Such qualitative matrices are very 

useful, especially when assessed through the 

consensus of several individuals with different 

expertise. Over the years, the 5x5 matrix has be-

come more popular than the original 3x3 matrix. 

In the matrix, green designates "Low risk", red 

"High risk" and orange a situation in between, 

"Medium risk". Such qualitative estimates are 

useful, even recommended, as a first pass tool to 

establish whether or not a more detailed analysis 

is needed (if scenarios fall in the red or orange 

zones).  

Figure 7. Qualitative 3  3 and 5  5 risk matrix: 

Hazard categories 1 to 3 or 1 to 5 (Very Low to Very 

High hazards); Consequence categories 1 to 3 or 1 

to 5 (Very Small to Very Large consequences) 

 

Such matrices can be implemented in e.g. a 

macro-operated Excel sheet (Langford et al 

2019). It is important in such qualitative evalu-
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ation to define and use unambiguously and con-

sistently the definitions of 'very low', 'low', 'me-

dium', 'high' and 'very high' hazards and of 'very 

small', 'small', 'medium', 'large' and 'very large' 

consequence (or impact). Other qualitative 

methods, devised mainly for large dams and 

other critical facilities, include the Life Cycle 

Inventory and Life Cycle Assessment, also 

known as "Cradle to Grave" analysis (US EPA 

2010) and the "Failure Modes and Effects 

Analysis" (FMEA) and the Failure Modes, Ef-

fects and Criticality Analysis (FMECA) 

(USACE 2011; USACE 2014; FEMA 2015). 

 
5.4.2 Quantitative methods 
In a quantitative probabilistic analysis, the same 

equation for load and resistance is used as for the 

deterministic calculation. The difference is that 

the material and load properties are described by 

a probability distribution function with a mean 

and standard deviation, that an additional varia-

ble is introduced, the method uncertainty.  

Quantitative methods include: Event tree 

analysis, Fault tree analysis, Bayesian updating 

and the First Order Second Moment (FOSM) 

method. More complex tools are: Monte-Carlo 

simulations, Bayesian networks, the First and 

Second Order Reliability Method (FORM and 

SORM) and system reliability analysis, such as 

SYSREL Schneider (1997) and Lacasse and 

Nadim (2007) summarized many of the methods 

in detail. One can also combine two or several ap-

proaches to obtain reliability estimates, e.g. a 

probabilistic analysis of slope stability with an 

event tree analysis covering all plausible breach 

scenarios. 

5.5 Acceptable and tolerable risk 

Risk acceptance criteria are difficult to set, for 

both deterministic and probabilistic analyses. Ac-

ceptable risk refers to the level of risk requiring 

no further reduction, and is the level of risk soci-

ety desires to achieve. Tolerable risk refers to the 

risk level reached by compromise in order to gain 

certain benefits. A construction with tolerable 

risk requires no action or expenditure for risk re-

duction, but it is desirable to control and reduce 

the risk if the economic and/or technological 

means for doing so are available.  

A Frequency-Consequence chart (F-N chart) is 

a practical way to present risk level and compare 

different facilities. The F-N curves relate the an-

nual probability F of an event to the number of 

fatalities N. The term "N" can be replaced by 

other measures of consequences such as costs. 

Figure 8 presents the Whitman (1984) F-N chart.  

 

Figure 8. Whitman (1984) curves of acceptable and 

marginally acceptable risk (adapted by Baecher and 

Christian 2003) (note: 1984 US dollars). 
 

Guidelines have been suggested by several 

countries. Some are for dams, some for man-

made slopes, some more general (Fig. 9). Alt-

hough there are differences, the annual accepta-

ble risk level centres around 10-4 for ten fatalities. 

Figure 10 illustrates the range of published guide-

lines and the Hong Kong criterion for man-made 

slopes, which is one of the most frequently used 

criteria. The F-N diagram in Figure 9 is more 

stringent than Whitman's. The area to the right 

where the number of fatalities is greater than 
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1000 requires detailed assessment and reflects 

risk aversion in cases of very high number of fa-

talities.  

The demarcation between acceptable and un-

acceptable risk is usually a gradual transition 

(Fig. 11). In Figure 11, the zone for F between 

10-3 and 10-4 and 1 to 8 mortalities seems to be-

long to two categories. If a risk estimate should 

fall in that zone, the most severe action (red line) 

should be applied. 

 

Figure 9. F-N risk guidelines in different countries 
(K. Ho Pers. comm. Hong Kong Nov. 2008)  

 

 

Figure 10. Range of risk guidelines (green dots illus-

trate how to reduce risk) 

 

Hypothetical reductions of the failure probabi-

lity for the same consequence of the consequen-

ces or for the same failure probability are illus-

trated with circles in Figure 10. It is not possible 

to show such evolution with a fixed factor of 

safety used as safety target. One can also define 

an ALARP zone on the F-N chart, where the risk 

level is to be kept "As Low As Reasonably Prac-

ticable". The ALARP zone describes a level of 

risk that cannot be reduced further without efforts 

and cost being disproportionate to the benefit 

gained or where the solution is impractical to im-

plement.   

Figure 11. US Bureau of Reclamation 2011 guidelines 

 

An annual failure probability of 10-4 has an 

actual significance. Figure 12 shows the mortal-

ity rate in Canada, due to all causes, as a function 

of age (https://www150.statcan.gc.ca/). At age 

5-10, the probability of dying in the next year is 

1/10,000 or 10-4. At age 40, the probability in-

creases to 1‰, at age 65 to 1%. As we reach a 

respectable age of 90, the probability of dying in 

the next year is close to 10%.    
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Figure 12. Annual probability of dying (Statistics 

Canada) 

6 CASE STUDY: EMBANKMENT DAM 

UNDER WINTER CONDITIONS 

6.1 Dravladalen Dam 

The 340-m long rockfill embankment Dravlada-

len Dam has a height of 29 m and a reservoir of 

58∙106 m3. The dam, built in 1971−1972, is 

founded on rock and has a till core. The dam is 

designed for a 1,000-year flood. Leakage was ob-

served from the early stages of impoundment, but 

only small deformations were recorded. The 

"normal" seepage through the till core, based on 

laboratory seepage measurements, was 3 to 8 l/s. 

In 1994, the recorded leakage was 11 to 13 l/s. In 

2016, the leakage under full reservoir was on av-

erage 5 to 6 l/s, and the leakage water was clear 

(no discernible fines). The dam is classified in the 

highest consequence class in Norway. 

                                                      
1 Bayesian network is an emerging method for 
reasoning and modelling under conditions of 
uncertainty. The method has been applied to 
avalanche risk, design of early warning system for 

6.2 Reliability approach 

The probabilistic analyses were carried out with 

two approaches: (1) event tree analysis, and (2) 

Bayesian network1 combined with Monte Carlo 

simulations. The techniques are described in e.g. 

Hartford and Baecher (2004), Baecher and Chris-

tian (2003) and Lacasse et al (2017). Each of the 

methods uses nine steps (modified after Vick 

2002; Høeg 1996): 

1. Review of field performance and history. 
2. Dam site inspection and data review. 
3. Failure mode screening. 
4. Agreement on descriptors of uncertainty. 
5. Event tree construction. 
6. Probability estimate at each node of the tree. 
7. Calculation of annual probability of breach. 
8. Evaluation of results.  
9. Iteration and documentation. 

The analyses were done in a workshop mode 

by bringing together 18 "experts" with 

knowledge about the dam, the hazards and risks 

involved, the dam construction and dam behav-

iour in general. The participants included dam 

owners, engineers responsible for the dam oper-

ation, hydrologists, earthquake specialists, relia-

bility specialists, consultants and regulatory bod-

ies. One person in charge of the day-to-day 

follow-up of the dam was at the dam site and 

available to answer questions. The format of a 

workshop was very useful to assess and discuss 

the estimates of probability. The probability es-

timates for the event tree and Bayesian analyses 

were set with the help of (1) statistical estimates 

based on past observations (actual data); (2) en-

gineering models based on physical processes, 

e.g. stability analyses (including parameter un-

certainties); and (3) expert judgment based on 

knowledge and evaluated experience. Vick 

(2002) suggested that: "The collective judgment 

of experts, structured within a process of debate, 

landslide hazard mitigation, rock slope failure, dam 
risk analysis, earthquake risk management and multi-
hazard, multi-risk assessment. Liu et al (2015) 
presented a summary of the uses so far.  
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can yield as good an assessment of probabilities 

as mathematical analyses". 

The process of hazard and risk assessment for 

dams in a workshop format, where event trees 

are constructed for different plausible failure 

scenarios, helps identify the weak points in a 

complex system and/or in a reasoning and ena-

bles one to make the system more robust 

through, for example, hypothetical remediation 

measures for discussion sake. The probabilities 

assigned to each node in the event trees was ex-

tensively discussed in plenum at the workshop 

initially. There was often disagreement in the 

values assigned. Consensus was reached through 

argumentation, verification of hypotheses, con-

sultation of additional information and discus-

sion. The event tree analyses went through two 

or three iterations before the event probabilities 

on the tree branches and the final failure proba-

bilities were determined. 

6.3 Failure mode screening 

One of the essential parts of a review of the pos-

sible failure modes before the construction of 

event trees. After discussion, the following 

mechanisms and triggers were examined: 

Weaknesses in the dam or dam system: 
 Internal erosion 
 Slides in upstream and downstream slope 
 Rockslide in reservoir causing overtopping 
 Plane of weakness in bedrock foundation 
 Operator error 
External triggers: 
 Flood 
 Extreme snow/ice in the winter 
 Earthquake 
 Melting of glacier causing flood in reservoir 
 Sabotage/terror 
 Meteors or plane crashing into the dam 

Before the workshop, NGI (2004) had checked 

that the safety was more than adequate against a 

rock slide triggering a tsunami in the Dravladalen 

Dam reservoir. The stability of the rock founda-

tion was also checked for the high quality gneiss 

and granite rock foundation, with foliation dips 

upstream and no weakness planes downstream. 

Meteors and plane crash at the location of Dravla-

dalen Dam were estimated to have occurrence 

probability of less than 10-7/ year.   

6.4 Results of analyses 

Tables 1 and 2 present the results of two series of 

analyses, the first in 1996, the second in 2016, in 

terms of the annual probability of failure, Pf annual. 

The probabilistic analyses in 1996 led to the iden-

tification of an unforeseen mode of failure, which 

turned out to be the most critical failure mode (Jo-

hansen et al 1996). Remediation measures were 

completed during the subsequent years. The re-

habilitation included: new toe for the dam to in-

crease drainage capacity; new slope protection 

downstream, with gentler slope; new dam crest; 

new concrete shelter for the approach channel to 

the spillway tunnel; new leakage monitoring sys-

tem; and instrumentation of upstream slope and 

dam crest. 

The 2016 analyses looked at each of the failure 

modes and at the effectiveness of the remediation 

measures in the period 1996-2016. Table 3 com-

pares the event tree reliability results from the 

analyses in 1996 and 2016. For1996, the results 

of the two iterations are shown. In 2016, three it-

erations were done, and each gave approximately 

the same results.  The Bayesian network analyses, 

combined with over 500 Monte Carlo simula-

tions, gave essentially the same 'mean' annual 

probability of failure as the event tree analyses in 

2016. The Bayesian network analyses provided 

in addition the distribution of the failure proba-

bilities, with a mean value of Pf, maximum value 

and minimum value of Pf , as illustrated in Figure 

13 for the scenario of 'ice and hard-packed snow 

blocking the spillway tunnel'.  
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Table 1.  Results of event tree analyses of Dravladalen Dam in 1996 

Scenario Most probable failure mechanism Pf annual (it. 1) Pf annual (it. 2) 

Earthquake Overtopping due to settlement of dam < 1.5 ∙ 10-6 < 1.5 ∙ 10-6 

Winter flood Overtopping due to plugging of spillway tunnel 3 ∙ 10-3 4 ∙ 10-4 

Int. erosion Failure in downstream slope and toe * Pf life = 5 ∙ 10-4 Pf life = 5 ∙ 10-5
 

Sabotage Overtopping < 1 ∙ 10-5 < 1 ∙ 10-5 

All scenarios Pf annual without internal erosion < 3 ∙ 10-3 < 4 ∙ 10-4 

*  In 1996, the lifetime probability of failure was calculated for the internal erosion case. 

 
Table 2.  Results of event tree analyses of Dravladalen Dam in 2016 

Analysis Pf annual (last iteration) 

Internal erosion 4.7∙10-6  

Flood  
Winter: Ice and hard-packed snow blocking tunnel 2.4∙10-7  

Summer: Glacier melting in reservoir 5.4∙10-6  

Earthquake 9.0∙10-8  

All geotechnical and natural hazards scenarios 1.0∙10-5 

Sabotage/terror 2∙10-7 

 
Table 3.  Comparison of the results of event tree analyses in 1996 and 2016 

Analysis Pf annual  - 2016 Pf annual - 1996 

Internal erosion 4.7∙10-6  5∙10-5 (life) 

Flood  
Winter: Ice and hard-packed snow blocking tunnel 2.4∙10-7  4∙10-4  

Summer: Glacier melt in reservoir 5.4∙10-6  -- 

Earthquake 9.0∙10-8  <1,5∙10-6  

All geotechnical and natural hazards scenarios 1.0∙10-5 <4,2∙10-4  

Sabotage/terror 2∙10-7 <1∙10-5  

 

 

Figure 13. Dam Dravladalen: Annual failure probabil-

ity from Bayesian Network and Monte Carlo analysis 

Figure 13 gives the histogram of annual probabil-

ities of failure and the best lognormal distribution 

fit, and gives the number (N) of Monte Carlo sim-

ulations done. The new risk assessment in 2016 

showed that the annual failure probability for this 

failure mode was reduced by two to three orders 

of magnitude because of the implementation of 

the mitigation measures. 

6.5 Summary 

The application of reliability concepts can be use-

ful for ensuring safe and cost-effective dam de-

sign and rehabilitation. The annual probability of 

failure for Dravladalen Dam in 2016 was esti-

mated as 10-5 (once in 100,000 years). The annual 

probability of failure had been estimated as 

0.4∙10-3 in 1996. The 1996 analyses identified a 
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new failure scenario ('ice and hard-packed snow 

blocking spillway tunnel'), which had been over-

looked in the deterministic design. The probabil-

istic analyses demonstrated the effectiveness of 

the mitigation measures implemented in the pe-

riod 1996-2012.   

An annual probability of failure of 10-5 is lower 

than the statistical annual probability of failure 

values reported by ICOLD and the published val-

ues for acceptable risk for dams. A consequence 

analysis, not reported herein, established that 200 

to 300 persons could be affected by a dam breach, 

but no lives would be lost in the case of a dam 

breach, due to the long warning time for this dam 

built in a remote area.   

When all the breach scenarios were examined 

together, the consensus was that the most proba-

ble scenario that could lead to a breach was the 

sabotage/terror scenario, because it included 

larger uncertainties than the other scenarios and 

because there are today no security measures on 

Dravladalen Dam. The situation is however not 

believed to be critical because the dam is located 

in a very remote area with very difficult access, 

summer and winter. A recommendation was 

made (1) to maintain the leakage and displace-

ment observations as they provide useful infor-

mation for future evaluation of risk and (2) to es-

tablish measures to limit and control access to the 

dam. 

7 CASE STUDY: 40 YEARS OF 

SATISFACTORY PERFORMANCE 

7.1 Nyhellervatn Dam 

The 650-m long rockfill embankment Ny-

hellervatn Dam with till core is 82.5 m high and 

has a reservoir capacity of 450∙106 m3. The dam, 

built in the period 1975−1979, is founded on bed-

rock. The dam is designed for a 1,000-year flood. 

The main Nyhellervatn Dam is classified in the 

highest consequence class in Norway. The stabil-

ity analysis of the downstream slope gave a de-

terministic safety factor less than the required 1.5 

after 40 years of operation. Throughout these 40 

years, the dam has behaved satisfactorily, with no 

unexpected leakage, pore pressure increase or 

displacements. Leakage is monitored continuous-

ly, and reported in real time. 

7.2 Reliability approach 

The reliability analyses used the same approaches 

as for Dravladalen Dam. The three iterations gave 

essentially the same results. In addition, Monte 

Carlo analyses with the "SLOPE/W" were used 

to verify the stability of the upstream and down-

stream slopes. 

7.3 Failure mode screening 

After discussion during the workshop, the fol-

lowing mechanisms and triggers were consid-

ered: 

Weaknesses in the dam or dam system: 
 Internal erosion 
 Slides in upstream and/or downstream slope 
 Leakage at rock foundation undermining the 

core 
 Plane of weakness in bedrock foundation 
 Rockslide in reservoir causing overtopping 
 Operator error 

External triggers: 
 Flood 
 Extreme snow/ice in the winter 
 Earthquake 
 Wave  and ice loading upstream on rip-rap 
 Melting of glacier causing flood in reservoir 
 Sabotage/terror 
 Meteors or plane crashing into the dam 

7.4 Results of analyses 

7.4.1 Failure probability 
Table 4 presents the results of the probabilistic 

event tree analyses in terms of the annual proba-

bility of failure, Pf annual.  

The Bayesian network analyses, combined 

with 1000 Monte Carlo simulations, gave the 

same 'mean' annual probability of failure as the 

event tree analyses. The maximum and minimum 

annual Pf  (mean=3.7∙10-7/year, minimum of 
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1.0∙10-8/year and maximum of 1.2∙10-5/year re-

spectively) were obtained for the scenario of 

'Leakage through cracks in the rock foundation 

causing erosion of the core' (row 2 in Table 4). 

The Nyhellervatn histogram and distribution 

were narrower than that for Dravladalen, indicat-

ing significantly lower uncertainty in the proba-

bilistic estimate. 

 
Table 4.  Annual failure probability for Nyhellervatn Dam 

Scenario Pf annual 

Internal erosion 1.5∙10-6 

Leakage through cracks in rock foundation causing erosion of the core 3.7∙10-7 

Flood 6.5∙10-9 

Wave loading on upstream slope 1.0∙10-8 

Ice loading on upstream slope 1.0∙10-8 

Earthquake 2.7∙10-7 

All geotechnical and natural hazards scenarios  2.2∙10-6 

 
 

7.4.2 Stability of downstream slope  
The deterministic analyses of the stability of the 

downstream slope suggested two potential criti-

cal slip surfaces, a very shallow slip surface A, 

and a deeper slip surface B (Fig. 14). The follow-

ing values were used for the deterministic analy-

sis in design (φ' is effective friction angle, c' is 

effective cohesion and  is total unit weight) 

(carefully assessed "representative" values for the 

entire rockfill were used at the time): 

Till core:  φ' = 33°, c' = 10 kPa,  = 23 kN/m3 

Rockfill:  φ' = 45°, c' =  0 kPa,  = 20.5 kN/m3 

There is, however, a large uncertainty in the fric-

tion angle of the rockfill, as illustrated in Figure 

14. The strength of a rockfill depends on many 

factors, including the effective stress on the slip 

surface, compacted rockfill porosity and quality 

of the rockfill material. Figure 15 (upper) pre-

sents the available data on the shear strength of 

rockfill, based on Leps' data (1970) and addi-

tional experimental data (EBL 2003/NGI 2002). 

Figure 15 (lower) shows NGI's recommendation 

and the requirement in Norway for the design of 

rockfill dams, as imposed by Norwegian regula-

tory body NVE (The Norwegian Water Re-

sources and Energy Directorate, www nve.no).  

Probabilistic analyses were run to include the 

effect of the uncertainty in the friction angle of 

various types of rockfill. The probabilistic anal-

yses used a lognormal distributed random varia-

ble for the friction angle of the rockfill, with a 

best estimate mean (not a careful assessment) and 

minimum and maximum values (thus a truncated 

lognormal distribution). The range of values used 

for slip surfaces A and B is shown with the green 

arrows in Figure 15. The values selected for the 

analyses were well within the recommendation 

by EBL/NGI.   

Table 5 compares the results of the determin-

istic and probabilistic stability analyses of the 

downstream slope under stationary conditions 

(stability under rapid drawdown, flood and earth-

quake loading was also verified). The probabilis-

tic analyses showed that, using a plausible range 

of frictions angles shown in Figure 15, the down-

stream slope safety was adequate, even though 

the deterministic analysis gave a safety factor 

somewhat less than 1.5.  

 
Table 5.  Analysis of stability of downstream slope under 

stationary conditions (FSrequired = 1.5) 

Slip 
surface 

Deterministic 
FS 

Probabilistic 
FSmean 

Failure 
probability 

A 1.51 1.58 Pf < 10-7 

B 1.42 1.32 Pf = 7∙10-7 
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Figure 14. Stability analyses of downstream embankment, Nyhellervatn Dam 

 

 

Figure 15. a) Data underlying recommendation in Lower diagram (EBL 2003/NGI 2002); b) Recommended friction 
angle values for rockfill materials (Høeg, K. Pers. comm. Bucuresti Inaugural Lecture 2008) 
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Figure 16. Comparison of failure frequency of Dam Nyhellervatn (green square) with statistics of breach due to 

internal erosion 
 

 

7.4.3 Summary 
The best estimate of the annual failure probability 

for Nyhellervatn Dam in 2017 was 2∙10-6 or 

lower, or a breach frequency of about once in one 

million years. The calculated failure probability 

is considerably lower than the breach frequency 

reported for dams in the literature, e.g. ICOLD's 

statistics. Figure 16 compares the failure proba-

bility with international statistics for dam breach 

due to internal erosion.  

Nyhellervatn Dam is a solid, robust and safe 

dam. It is therefore important to pose the question 

of whether or not the dam should be rehabilitated 

to increase the safety factor of the downstream 

slope to meet the requirement of a constant safety 

factor, FS ≥ 1.5. The dam has been in operation 

for over 40 years, undergoing multiple drawdown 

and filling cycles, and experiencing very harsh as 

well as very mild summer and winters, and flood-

ing events. Nyhellervatn Dam has not shown any 

signs of distress or unexpected behaviour. The 40 

years of operation are in fact 40 years of a dam 

under full scale loading. The added knowledge 

should be taken into account in the deterministic 

analysis, but there is no mechanism to do this. 

Statistics for embankment dams (e.g. Fell et al 

2015) also show that the majority of the failures 

occur in the first five operative years of the dam.  

8 CASE STUDY: SYSTEM OF DAMS 

8.1 The Nesjen Dams 

The system of dams at Nesjen consists of one 

main rockfill embankment dam with till core, 50 

m high, four secondary (saddle) dams (of much 

lower heights) and a separate spillway. The dams 

are briefly characterized in Table 6. All the dams 

are rockfill dams, except for Saddle Dam 1 which 

is a concrete buttress dam. The Main Nesjen 

Dam, built in the period 1966−1968, is founded 

on bedrock, and is designed for a 1,000-year 

flood. The Main Dam and Saddle Dams 2 and 3 

are classified in the highest consequence class in 

Norway. The reliability analyses were done to 

evaluate the effects of different rehabilitation 

measures. 

8.2 Reliability approach 

The reliability analyses used for the Nesjen dams 

were the same approaches as for Dravladalen 

Dam. The three event tree iterations gave essen-

tially the same results. In addition, first-order and 

second-order (FORM and SORM) probabilistic 

analyses were run to verify the stability of the 

concrete buttress Secondary Dam 1, but these  
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Table 6.  Brief description of the dams at Nesjen 

Characteristics  
Main 
Dam 

Saddle 
Dam 2 

Saddle 
Dam 3 

Saddle 
Dam 4 

Saddle 
Dam 1 

Dam length (m) 675 225 170 75 500 

Volume (1000 m3) 560 148 61 -- -- 

Maximum dam height (m) 50 19 15 15 10 

Consequence class* 4 4 4 3 2 

*  Consequence class 4 is most severe consequence class in Norway 

 

analyses are not reported herein. Failure proba-

bility of the concrete buttress was very low, and 

the consequence of a failure was much smaller 

than for the other dams (Consequence Class 2). 

8.3 Failure mode screening 

After discussion at the workshop, the following 

mechanisms and triggers were considered: 

Weaknesses in the dam or dam system: 
 Internal erosion 
 Slides in upstream and/or downstream slope 

Leakage at rock foundation undermining the 
core 

 Plane of weakness in bedrock foundation 
 Rockslide in reservoir causing overtopping 
Operator error External triggers: 
 Flood 
 Extreme snow/ice in the winter 
 Earthquake 
 Wave  and ice loading upstream on rip-rap 
 Melting of glacier causing flood in reservoir 
 Sabotage/terror 
 Meteors or plane crashing into the dam 

8.4 Results of analyses 

Table 7 and 8 present the results of the probabil-

istic analysis in terms of the annual failure prob-

ability, Pf annual, for the Main Dam before rehabil-

itation, and Table 8 the Main Dam after 

rehabilitation. Figure 17 compares the annual 

failure probability with the failure probability sta-

tistics for dam breach due to internal erosion. 

Even before rehabilitation, the Main Dam has a 

low failure probability. The different rehabilita-

tion measures decreased importantly the annual 

probability of a breach. 

For the Nesjen system of dams, it was im-

portant to not only analyse each dam separately 

but to also look at the risk associated with the 

dams in a system of one large dam and several 

smaller secondary dams. During the reliability 

analyses under extreme flooding, it was con-

cluded that it was desirable to reduce the reser-

voir water level increase due to flooding at the 

Main Dam by allowing some damage due to 

overtopping of Saddle Dam 4. The consequences 

of an overtopping of Saddle Dam 4 are signifi-

cantly smaller (no life loss) that the consequences 

of an overtopping of the Main Dam. There is also 

ample warning time downstream, with a planned 

overtopping of Saddle Dam 4.  

Originally, the rehabilitation required that the 

core and the crest be raised equally for all dams. 

After the reliability analyses, the dam core and 

the dam crest of Saddle Dam 4 should be left at a 

lower elevation than the other 'Consequence 

Class 4' dams, such that the dam owner can plan 

for a controlled overtopping under an extreme 

flood event. On the basis of the reliability anal-

yses, recommendations were made on the most 

effective rehabilitation measures for reducing the 

risk of internal erosion (Table 8), on warning sys-

tems in the case of a controlled overtopping of 

Saddle Dam 4, and the interrelationship between 

risk at the Main Dam and the raising of all sec-

ondary dams at the same level as that of the main 

dam.  
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Table 7.  Annual failure probability for Nesjen Main Dam, before rehabilitation (last iteration) 

Scenario Annual failure probability, 
Pf annual 

Internal erosion (iteration 1 and iteration 2)) 7.6∙10-5 

Flood 2.9∙10-7 

Earthquake 1.0∙10-8 

Erosion in rock foundation 5.0∙10-6 

Total failure probability 5.5∙10-5 

 
Table 8.  Annual failure probability for Nesjen Main Dam, after rehabilitation (last iteration) 

Scenario Annual failure proba-

bilityPf annual 

Internal erosion (toe reinforcement, fibre cable in till and leakage monitoring) 8.4∙10-6 

Flood, raising dam crest and core 1.8∙10-7 

Flood, improving spillway 2.0∙10-8 

Earthquake 1.0∙10-8 

Erosion in rock foundation 1.5∙10-6 

Total failure probability 9.1∙10-6 

 
 

Figure 17. Comparison of failure frequency of the Main Nesjen Dam (two green squares) with statistics of breach 

due to internal erosion 

 

8.5 Summary 

The calculated best estimate of the annual failure 

probability for the Main Dam at Nesjen before 

the implementation of rehabilitation measures 

was 5∙10-5 (or about once per 50,000 years), and 

1∙10-5 (or once per 100,000 years) after selected 

rehabilitation measures were implemented. The 

calculated probabilities were lower than the an-

nual probabilities of dam breach compiled in in-

ternational statistics for embankment dams (e.g. 

Fell et al 2015). 

The reliability analyses shed light on the bene-

fit of allowing overtopping of Saddle Dam 4 to 

reduce the failure probability of a breach of the 

Main Dam. In the case of an extreme flood situa-

tion, an overtopping of Saddle Dam 4 will reduce 
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the reservoir water level at the Main Dam and im-

mediately reduce the risk of a breach of the Main 

Dam. The consequences of a dam breach at the 

Saddle Dam 4 are significantly lower than for the 

Main Dam, and would not cause loss of human 

life. Also there is ample warning time for the peo-

ple downstream.  

Originally, the rehabilitation required that the 

core and the crest be raised equally for all dams. 

Rather, after the reliability analyses, the recom-

mendation is that the dam core and the dam crest 

of Saddle Dam 4 should be left at a lower eleva-

tion than the other 'Consequence Class 4' dams 

at Nesjen, such that the dam owner can plan for 

a controlled overtopping of Saddle Dam 4, if 

necessary under an extreme flood event.  

9 RECENT DEVELOPMENTS 

9.1 Use of machine learning algorithms 

Artificial intelligence techniques, like machine 

learning, can be used to predict soil behaviour.  

The Three Gorges Dam reservoir is a land-

slide-prone area and the construction of the 

Three Gorges Dam dramatically increased land-

slide hazard in the area. A reliable early warning 

system would help reduce the risk associated 

with landslides. Such systems can be successful 

if one can forecast an imminent landslide.  

Yang et al (2019a; b) proposed a novel ma-

chine learning model to predict landslide dis-

placement in dam reservoirs, and applied the 

model to the Three Gorges reservoir. The ma-

chine learning model uses time series analysis 

and the Long Short Term Memory (LSTM)" 

neural network approach. 

Long Short-Term Memory (LSTM) neural 

networks are a type of "Recurrent Neural Net-

works (RNN)" designed to model temporal se-

quences and time dependency more accurately 

than conventional RNNs. In simple words, 

LSTM has a memory block, which relates one 

time step to another. The memory block can re-

tain or forget information. The 'Input gate' con-

trols the flow of input activations into the 

memory cell. The 'Forget gate' controls whether 

the information from the previous time step is re-

membered or forgotten. During the process, the 

LSTM model learns rules from historical infor-

mation and makes full use of this information. 

Yang et al. (2019a) described in more detail the 

architecture of the LSTM neural network used. 

The displacement was decomposed into three 

components: a trend (T), a periodic (P) and sys-

tem noise (N) components. The accumulated to-

tal displacement corresponds to 𝑇 + 𝑃 + 𝑁:  

 The long term displacement (trend), con-

trolled by 'internal' geological conditions 

such as lithology, geological structure and 

progressive weathering.  

 The periodic short term displacement, influ-

enced by two 'external' factors: rainfall and 

reservoir water level.  

 The system error covering systematic errors 

during the deformation monitoring process.  

The trend displacement was predicted using a 

cubic polynomial function. 

The periodic displacement was predicted by a 

multivariate LSTM model based on the relation-

ship among landslide displacement, rainfall and 

reservoir water level: seventy percent of the data 

were used to develop the model. To verify the 

performance of the new model, the latter 30% of 

the displacements were predicted by the model 

and compared with the measurements.  

The performance of the LSTM model was val-

idated with the observations of three typical 

"step-wise" colluvium landslides in the Three 

Gorges Dam Reservoir, and compared with other 

machine learning prediction models. 

Figure 18 presents the results of the fitting of 

the model and the prediction if the periodic dis-

placements for two of the validation landslides. 

Figure 19 presents the same comparison for the 

total accumulated prediction. The predicted val-

ues fitted well with the measured values during 
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the training of the model and can then be used to 

predict the future behaviour. The model was able 

to reflect the dynamic evolution of landslide de-

formation by relating observations from one time 

step to the next, thus introducing a dynamic com-

ponent in the analysis.  

The application of the model to the three land-

slides demonstrates that the LSTM model gave a 

more reliable prediction of the observed land-

slide displacement than a static model. It was 

concluded that the new model can be used to ef-

fectively predict the displacement of colluvium 

landslides in the Three Gorges Reservoir area. 

Such reliable predictive models can become an 

essential component for implementing an early 

warning system and reducing landslide risk.  

Overall, the proposed dynamic modelling ap-

proach, based on time series analysis and LSTM, 

can achieve a good prediction of displacements 

for slow and step-wise deformations. This dy-

namic method has the potential for broad appli-

cation to predict landslide displacement in land-

slide-prone regions. 

 
 

Figure 18. Periodic displacement for Baishuihe (left) and Bazimen (right) landslides (Yang et al 2019a; b) 

 

Figure 19. Total accumulated displacement for Baishuihe (left) and Bazimen (right) landslides (Yang et al 2019a: b) 
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9.2 The Observational Method 

Terzaghi's and Peck's Observational Method 

should be used to greater extent for the design and 

the follow-up of dams on sites with complex ge-

ological conditions. The Observational Method 

(Peck 1969) includes several aspects of uncer-

tainty and risk in geotechnical design, by looking 

at the mean and the uncertainty (assessment of the 

most probable conditions and the most unfavour-

able conceivable deviations from these condi-

tions2), evaluating the hazards (calculation of val-

ues of the same quantities under the most 

unfavourable conditions) and preparing mitiga-

tion measures (selection in advance of a course 

of action or modification of design for every fore-

seeable significant deviation of the observational 

findings from those predicted on the basis of the 

working hypothesis and modification of design to 

suit actual conditions). Peck gave in 1996 the rea-

son he published the Observational Method: "My 

real interest, instead [of theoretical research] was 

in the ways our existing knowledge could be ap-

plied more effectively".  

ICOLD (1993) strongly suggested that the Ob-

servational Method is desirable, even required, 

for seepage control and drainage treatment in a 

dam foundation. Information gained during foun-

dation excavation and further investigations may 

significantly modify and improve the original de-

sign. The implementation of the Observational 

Method and stabilization measures helped reduce 

considerably the risk of instability for the Zelazny 

Most tailings dam in Poland on a geologically 

very complex foundation (Jamiolkowski 2014: 

Jamiolkowski et al 2008). The application of the 

Observational Method resulted in measures such 

as moving the dam crest upstream to flatten the 

average downstream slope, constructing stabiliz-

ing berms at the dam toe, and installing relief 

wells in the foundation to reduce pore water pres-

sures. Other examples of the benefit of the moni-

toring and the Observational Method are pre-

sented in Table 9 for three Norwegian dams.  

 

Table 9. Benefits of monitoring program for three dams in Norway (Lacasse and Höeg 2019) 

Type of dam/Dam 
height/Year/Core 

Benefit of monitoring program 

Moravatn Dam 
Rockfill dam 
77-m/1968 
Moraine core 

Confirmed need for rehabilitation from the high pore pressure in the dam foundation: 
- Drove a drainage gallery into the downstream foundation. 
- Installed a system of drainage and observation holes. 
Checked that the drainage was efficient. 
Checked the drop in pore pressures. 
Pore pressures have remained stable ever since 

Svartevann Dam 
Rockfill dam 
129m/1976 
Zoned dam 
Moraine core 

Documented satisfactory behaviour during construction and operation 
- Total settlement was somewhat larger than predicted.  
- Pore pressures in core measured during early construction to check stability: low 

pore pressures allowed steeper upstream slope than initially designed. 
- Small leakage. 

Storvatn Dam 
Rockfill dam 
90m/1987 
Inclined asphalt core 

Documented the deformation behaviour of asphaltic core  
Used the observations to calibrate the analytical models 
Provided useful information for future dams of this type  

  

                                                      
2 Texts in italics are quotes from Peck's (1969). 
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There is a potential for combining the Obser-

vational Method (OM) with the Bayesian updat-

ing approach (Christian and Baecher, 2011; 

Lacasse and Höeg 2019). The OM is a practical 

way to deal with uncertainty. Bayes' theorem 

provides a framework that enables updates of 

first estimates with new information. Bayes' the-

orem is the essential means of adjusting one's 

opinion in the light of new evidence. In fact, it is 

a tool made for geotechnics, as most of what ge-

otechnical engineers do is Bayesian! Most often, 

the estimates of soil profiles, soil properties, 

model uncertainties and predictions are based on 

both measurements and earlier experience and 

engineering judgment. Bayesian thinking was, 

for instance, used by Alan Turing in solving the 

German Enigma code during WWII (the movie 

The Imitation Game). 

Two sets of data (or predictions), in this case 

the mean value and the standard deviation, can be 

combined by Bayes theorem, assuming both da-

tasets are normally distributed, to yield an up-

dated estimate: 

 
𝜇𝑢𝑝𝑑𝑎𝑡𝑒𝑑

= (𝜇1 𝜎1
2⁄ + 𝜇2 𝜎2

2⁄ ) (1 𝜎1
2⁄ + 1 𝜎2

2⁄ )⁄  

 

(2) 

 
𝜎𝑢𝑝𝑑𝑎𝑡𝑒𝑑 

= (𝜎1
2 ∙ 𝜎2

2) (𝜎1
2 + 𝜎2

2)⁄  

 

(3) 

 

where µ1 and σ1 are the mean and standard devi-

ation of the first estimate (prior), µ2 and σ2 are the 

mean and standard deviation of the measure-

ments (likelihood/new knowledge), and µupdated 

and σupdated are the updated (posterior) estimates 

of the mean and the standard deviation. The result 

is an updated average weighted by the inverse of 

the standard deviations.  

The Observational Method and the field mon-

itoring during dam operation could be "comple-

mented" with a Bayesian updating formulation in 

the assessments. In this way, one could associate 

uncertainties and outcomes with probabilistic es-

timates (probability of occurrence and conse-

quences) and quantify the scenarios for making 

decisions. A dynamic updating of the risk picture 

(means and standard deviations) with the help of 

continuous real-time measurements and prepared 

response scenarios would be an easy way to make 

designs safer and provide support for "risk-in-

formed" decision-making.  

Bayesian updating has been applied to contin-

uously update the latest knowledge of the un-

known parameters with the knowledge of new 

observations. For dams, two examples of suc-

cessful applications of the Bayesian updating ap-

proach are: (1) in an uncertainty analysis of over-

topping of a flood mitigation dam, Michailidi and 

Bacchi (2017) improved information on the flood 

peaks from historical observations by incorporat-

ing supplementary knowledge from different 

sources, including their associated uncertainty 

and errors; (2) Andreini et al (2019) developed 

probabilistic models to predict the internal ero-

sion rate in embankment dams. They did reliabil-

ity analysis of earth dams in terms of the critical 

shear stress and a coefficient of internal erosion. 

The Bayesian updating approach was used to 

quantify the uncertainty of the uncertain model 

parameters on the basis of observations in situ jet 

erosion tests. 

Folayan et al (1970) were the first to introduce 

the application of Bayes' theorem to geotechnical 

engineering. They used Bayesian updating to pre-

dict the settlements of a marshland development 

analysed the associated economic consequences. 

The approach was also used to illustrate the opti-

mal number of samples to improve the reliability 

of the prediction. Figure 7 illustrates the overcon-

fidence that can occur in prior subjective esti-

mates of probability distributions, in this case for 

the compressibility of San Francisco Bay mud.  

10 INSIGHT FROM STATISTICAL AND 

RELIABILITY ANALYSES 

For each of the case studies herein and other case 

studies in Norway and other countries, the relia-
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bility analyses have provided useful, but differ-

ent, insight and formation. For each of the cases 

reported herein: 

‒ For Dravladalen Dam, the failure mode 

screening and reliability considerations led 

to the identification of a so far unidentified, 

but significant, failure mode. Rehabilitation 

was required. The analyses documented the 

important risk reduction through the rehabil-

itation.  

‒ For Nyhellervatn Dam, the continuous leak-

age monitoring provided considerable infor-

mation that confirmed no indication of inter-

nal erosion. Nyhellervatn Dam is perceived 

as solid, robust and well-behaved. Consider-

ation of the failure probability of the down-

stream slope suggests that there is no need 

for rehabilitation, even if the traditional de-

terministic analysis suggest the need for re-

habilitation.  

‒ The analyses of the Nesjen Main Dam also 

suggest a safe and robust dam. Internal ero-

sion is the critical failure mechanism. Reha-

bilitation measures may further reduce the 

risk. The analyses show that an optimal so-

lution is achieved if one plans for controlled 

overtopping of Secondary Dam 4 in the case 

of an extreme flood event. Overtopping of 

Secondary Dam 4 has relatively smaller con-

sequences, and water discharge would re-

duce considerably the risk of a breach at the 

Main Dam. 

Another rockfill dam in Norway, which had been 

subjected to internal erosion during its first 20 

years (the dam is now 50 years old), looked into 

the failure probability associated with further in-

ternal erosion and possible overtopping due to a 

massive rock slide in the dam reservoir. The anal-

yses quantified the risk reduction potential of dif-

ferent rehabilitation measures and documented 

that the most expensive measures are not neces-

sarily the most risk-reducing ones. 

An additional benefit of reliability-based ap-

proaches, although not illustrated herein, lies in 

the fact that the process of calculating probability 

of failure reveals which uncertainties are the most 

significant for the calculated failure probability, 

and which are unimportant. This additional infor-

mation provides an effective guide to what im-

provements in knowledge will reduce the overall 

uncertainty and failure probability. Although the 

number calculated is never highly precise, the 

range of failure probabilities provide a valuable 

supplement to other measures of safety. For this 

reason alone, calculating reliability index and/or 

failure probability adds value to geotechnical en-

gineering analyses 

11 SUMMARY AND CONCLUSIONS 

This paper aimed at illustrating that a reliability-

based approach is more rigorous and more "com-

plete" than the deterministic approach alone be-

cause it accounts for the uncertainty in the analy-

sis parameters, their correlation, and therefore 

leads to a more robust design, and a more rational 

assessment of safety of existing structures. The 

reliability-based approach is not meant to replace 

the traditional deterministic approach. Instead, it 

should be used as a complement to deterministic 

analyses. Examples illustrate the complementary 

information and value added of probabilistic 

analyses. Recommendations are made for ac-

ceptable risk level and on exploiting the seminal 

Observational Method during dam construction 

and drawing benefit from continued monitoring 

during dam operation. 

An analysis that allows for both deterministic 

and probabilistic modelling provides an im-

proved understanding of the potential range of 

behaviour under various uncertainties. The de-

sign criterion in reliability-based design is best 

defined in terms of a target annual reliability in-

dex or failure probability.  

There is an increasing demand to adopt a reli-

ability-based approach for the design of geotech-

nical structures. The techniques have considera-

bly evolved in past years, and the probabilistic 

analysis software packages are accessible and 
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easy to use. Probability and risk concepts have 

now reached maturity for our profession. Most 

owners and operators understand the concept of 

risk. They expect engineers to provide probabil-

ity and risk information and/or quantification to 

help them make risk-informed decisions.  

A reliability-based estimate is not necessary 

for all dam engineering problems, but such esti-

mates should be used to a greater extent when 

there are significant uncertainties that could in-

fluence the result or lead to decisions other than 

those based on deterministic results alone. All 

levels of reliability analyses qualitative or quan-

titative, are useful to gain insight and help make 

better engineering and management decisions.  

There is today a cultural shift in civil engi-

neering practice and the social perception of the 

engineer's work. Table 10 compares the earlier 

focus (first column) with the new directions (sec-

ond column).  

 
Table 10. Cultural shift in civil engineering practice 

Earlier focus To new direction 

Hazard Consequence 

Response Preparedness and  
Risk Reduction 

Reactive Proactive 

Science-driven Multi-disciplinary 

Response Manage-

ment 

Risk Management 

Planning for com-
munities 

Planning with communi-
ties 

Decision-making Risk-informed 
decision-making 

 

Science and engineering help us to predict 

hazards and their probability of occurrence. 

Knowing the hazards and the risk helps making 

risk-informed decisions. The time to implement 

the tools that enable us to qualify or quantify the 

risk is now. In the future, the dam engineering 

profession will need to show that the key deci-

sions were "risk-informed" (ISO2394:2015). 
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ABSTRACT: The geotechnical challenges in Iceland are in many aspects unusual. The geological 

setting of the country is unique and has a great influence on the local geotechnical conditions. Iceland 

lies on the divergent boundary between the Eurasian plate and the North American plate formed by the 

Mid-Atlantic Ridge. This has created a landmass with active volcanoes, geothermal areas and zones of 

high seismicity. The bedrock is relatively young and mainly basaltic. It has been built up of relatively 

thin lava layers during eruptions. It is frequently highly jointed with irregular interlayers. The 

horizontal stresses in the rock mass are furthermore very low. The soil layers consist mainly of non-

cohesive materials, often created in catastrophic events such as glacial floods, and are therefore often 

loosely packed. This paper gives a short overview of the geotechnical conditions in the country and 

additionally describes several geotechnical engineering projects. Some geotechnical challenges due to 

climate change will also be briefly discussed.  
 

RÉSUMÉ:  Les défis géotechniques en Islande sont à bien des égards inhabituels. Le cadre géologique du pays 

est unique et a une grande influence sur les conditions géotechniques locales. L'Islande se trouve sur la frontière 

divergente entre la plaque eurasienne et la plaque nord-américaine formée par la dorsale médio-atlantique. Cela 

a créé une masse continentale avec des volcans actifs, des zones géothermiques et des zones de haute sismicité. 

Le substratum rocheux est relativement jeune et principalement basaltique. Il a été construit de couches de lave 

relativement minces pendant les éruptions. Il est souvent très joint avec des intercouches irrégulières. Les 

contraintes horizontales dans la masse rocheuse sont en outre très faibles. Les couches du sol sont principalement 

constituées de matériaux non cohésifs, souvent créés lors d'événements catastrophiques tels que les inondations 

glaciaires, et sont donc souvent emballés. Cet article donne un bref aperçu des conditions géotechniques dans le 

pays et décrit en outre plusieurs projets d'ingénierie géotechnique. Certains défis géotechniques dus au 

changement climatique seront également brièvement. 

 

Keywords: Geotechnical engineering, geology, Iceland, rock mass, soils, material properties. 
 

 

 

1 INTRODUCTION 

Geotechnical engineering is a relatively young 

discipline in Iceland. Until the last decade of the 

nineteenth century the country was poor and 

isolated. Construction activities had been only 

minor and had not required any civil engineering 

knowledge. The first bridges for river crossings 

were made in the southern part of the country in 
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the 1890’s.  In the early twentieth century, the 

government started to investigate the possibilities 

of building a harbour in the capital area. The main 

pressure came from the traders and merchants 

who needed better and more secure quays for 

their loading and unloading their ships 

(Friðriksson 2013). In 1913 the construction of 

the Reykjavík harbour finally started. Four years 

later the first three piers that made up what is now 

called the Old Harbour had been erected. The 

earth and rock materials needed for the 

construction were transported about 3 km on 

specially built rail lines from quarries in nearby 

Öskjuhlíð and Skólavörðuholt. The harbour was 

the country entry to modern times for more 

secure export of fish products, improved trading 

and efficient transportation (Friðriksson 2013).  

The next large engineering project was the 

construction of irrigation canals in the South 

Iceland lowland area between 1923 and 1930 to 

mitigate and control the discharge over 

agricultural land. It was at that time an 

engineering achievement requiring precise 

surveying followed by hydrological and 

hydraulic design based on a thorough 

understanding of fundamental geotechnical 

conditions. It was a successful project and 

benefitted farming in the area for many decades 

(Þórðarson 2002).  

The beginning of exploitation of domestic 

energy resources started in 1920’s, first and 

foremost to generate electricity from 

hydropower. The first power plant of any 

importance was the Elliðarárstöð, inaugurated in 

1921, after only two years of construction time, 

providing almost one MW of electricity to the 

fast-growing city of Reykjavik (Þórðarson 2002). 

The location of the Elliðarár station was in the 

outskirts of the Reykjavík area, requiring only 

short transmission lines. The next phase in 

harnessing hydropower in Iceland was the 

construction of three hydropower stations by the 

River Sog, built in 1935 – 1960 about 50 km east 

of Reykjavík (Bjarnason et al. 2019). The third 

phase of hydropower utilisation began in the late 

1960’s on the River Þjórsá in South Iceland with 

several relatively big dams and associated 

reservoirs culminating with the Kárahnjúkar 

hydropower plant (690 MW) in East Iceland 

completed in 2009 (Bjarnason et al. 2019). 

Another pioneering engineering project during 

the last century was the utilisation of the 

geothermal energy which today is used to heat 

over 90% of houses in Iceland and produces 

about 27% of the electricity (Flóvenz 2019). This 

of course required good geotechnical skills as 

well as accountable and responsible construction 

practices. About 85% of the total primary energy 

supply in the country comes from domestically 

produced renewable energy sources. This is the 

highest share of renewable energy in any national 

total energy budget (Bjarnason et al. 2019).  

The modern roads and bridge building era 

started in 1891 when the first suspension bridge 

over the River Ölfusá was erected. The bridge 

collapsed in 1944 due to overloading from two 

trucks transporting dairy products to the capital 

area (Þórðarson 2002). Gravel roads were 

thereafter gradually extended out from the capital 

area. In the 1960’s construction was started of 

more permanent pavements with concrete or 

asphaltic surfaces. In 1974 the Icelandic ring road 

was completed. The construction of the last 

section of the ring road was a considerable 

challenge to geotechnical and hydraulic 

engineering due to the proximity to the 

Vatnajökull glacier and huge glacial floods.  

The objective of this paper is to give a brief 

overview of the geotechnical and rock 

mechanical conditions in Iceland. As they are 

highly influenced by geological and geophysical 

processes, these are addressed as well. Examples 

of some typical challenges are given.  

Finally, new challenges that we are facing 

within the field, such as climate change, will be 

discussed.  

2 GEOLOGICAL SETTINGS 

The geological setting of Iceland is unique. 

Iceland lies on the divergent boundary between 
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two tectonic plates, the Eurasian plate and the 

North American plate located squarely on the 

Mid-Atlantic Ridge (MAR) (Einarsson 2008, 

Thordarson and Höskuldsson 2014). 

Furthermore, the island is situated on a hotspot, 

the Iceland plume. The plume has probably, 

through its activity, caused the formation of the 

island with its first appearance over the ocean 

surface about 16 to 18 m years ago (Flóvenz 

2019). The MAR enters the island from the south-

west on the Reykjanes Peninsula and departs 

from the north-east coast. As the spreading axis 

crosses the island, it manifests a zone of active 

spreading and volcanism, the axial volcanic 

zones (AVZ) (Flóvenz 2019).  

 

 

Figure 1. Epicentres of earthquakes in the Atlantic 

Ocean 1964–2006. Data are from the epicentre list of 

the NEIC, US Geological Survey. Figure courtesy of 

P. Einarsson.  

 

As the AVZ passes through the country, it 

forms an irregular pattern. It has shifted about 

150 km eastwards, close to the southern 

shoreline, forming the South Icelandic Seismic 

Zone (SISZ) and back north-west through the 

Tjörnes Fracture Zone (TFZ) on the northern 

cost. Between the two fracture zones (FZ), two 

parallel spreading segments are active but join 

into one segment north of the Iceland plume.  

There is active volcanism along the AVZ 

associated with this geological anomaly. 

Additionally there is earthquake activity, both 

along the ridges themselves and the two FZ (SISZ 

and TFZ) and geothermal fields along the rift 

zones as well as on both its flanks. 

Figure 1 shows the epicentres of earthquakes 

on the Mid-Atlantic Ridge during the period 1964 

– 2006. It shows that the epicentres form a narrow 

deformation zone south and north of the country, 

but as it crosses the Iceland plateau the zone 

becomes wider. This can also be seen in Figure 2.  

 

 
 

Figure 2. Earthquake epicentres, 1994 – 2007 and 

volcanic systems of Iceland. Epicentres are from the 

data bank of the Icelandic Meteorological Office. 

Figure courtesy of P. Einarsson. 

 

A simplified geological map of Iceland is 

shown in Figure 3 where all the main geological 

subdivisions are indicated (Thordarson and 

Höskuldsson 2014). 

. 
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Figure 3. Simplified geological map of Iceland showing the main geological subdivisions as the fault structures, 

volcanic zones and belts. RR is the Reykjanes Ridge, RVB Reykjanes Volcanic Belt, WVZ West Volcanic Zone, 

MIB Mid-Iceland Belt, EVZ East Volcanic Zone, NVZ North Volcanic Zone, SISZ South Iceland Seismic zone, 

TFZ Tjörnes Fracture Zone, KR Kolbinsey Ridge, ÖVB Öræfi Volcanic Belt, SVB Snæfellsnes Volcanic Belt. 

Figure courtesy of Á. Höskuldsson. 

 

 

 

The AVZ follows the divergent plate boundary 

where hot magma wells up vertically from the 

mantle and the two plates diverge horizontally. 

The new material then fills in the gap between the 

plates, thus increasing the overall size of the main 

island. This lateral movement can be observed on 

the surface (Árnadóttir et al. 2009). Figure 4 

shows the observed lateral movements of the 

surface measured during the period 2004 – 2016 

with the GPS technique (Valsson 2019). On 

average, this gives a movement of 19 mm/year 

(stations close to the SISZ earthquake in 2008 

and to the volcanic eruption in Holuhraun in 2014 

ignored). 

 

 
Figure 4. Observed lateral displacement measured 

with the GPS technique in Iceland during 2004 to 

2016. Figure courtesy of G. Valsson.  
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Figure 5 shows a simplified overview of the 

geothermal fields of Iceland. The high 

temperature areas follow the AVZ. On both 

flanks of the AVZ, an irregular band of low 

temperature areas is formed. However, at a 

considerable number of locations low 

temperature fields have been observed further 

away from the AVZ. 

 

Figure 5. Geothermal fields in Iceland. Figure 

courtesy of H. Bjarnason. 

 

Figure 6 shows typical temperature logs in 

boreholes in Iceland outside the AVZ (high 

temperature geothermal areas) (Flóvenz 2019). 

The figure shows that the temperature in the 

uppermost five hundred metres can vary from 

very low temperatures to almost 80°C. Thus, 

from a geotechnical point of view, at very many 

locations the risk of encountering high 

temperatures in the ground needs to be 

considered.   

3 ROCK ENGINEERING 

The geological and geophysical settings have a 

major impact on the local rock engineering 

characteristics and therefore their applications in 

engineering such as foundations, dam and bridge 

abutments, stability of underground openings and 

aggregate productions. 

 
Figure 6. Temperature logs in a few boreholes in 

Iceland. Figure courtesy of Ó. Flóvenz.  

 

As stated before, Iceland is a volcanic island 

created by volcanism on the MAR during the last 

approximately 18 million years. Most of the rock 

formations in Iceland are therefore of volcanic 

origin from the late Tertiary to the present time. 

The oldest rock is in the extreme east and west of 

Iceland where the rock mass is in general built up 

of sub-horizontal strata of regional basalt layers, 

most often with scoriaceous interfaces between 

the adjacent basaltic layers and sedimentary 

interbeds (Loftsson et al. 2005). Inclined dikes or 

other discontinuities appear frequently. The 

basaltic lava can be highly fractured. Figure 7 

gives a schematic overview of a melted lava 

stream running over existing land. The lava cools 

off from the surface and the bottom, creating 

highly fractured zones. With time the inner part 

cools off as well, creating shrinkage joints in the 

rock mass.  
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Figure 7. Melted lava flowing over existing land. The 

moving lava cools off from the surface and the bottom, 

creating highly fractured zones. Sólnes et al. 2013 (Þ. 

Þórðarson).  
 

Figure 8 shows a typical Icelandic lava stratum. 

 

 

Figure 8. Cross section of typical Icelandic rock mass. 

Horizontal lines can be seen, forming boundaries 

between different lava layers. The layers are usually a 

few to tenths of metres in thickness.  
 

3.1 Mechanical properties 

The main engineering properties of intact rock 

samples are strength and deformation. An 

example of a measurement of the stiffness and 

Poisson’s ratio from a uniaxial compression test 

of basalt and scoria is given in Figure 9 

(Jóhannsson 1997). The samples were from the 

Hvalfjörður tunnel that was completed in 1998.  

 

 
Figure 9. Stress-strain relationship of basalt and 

scoria in one-dimensional compression test. The 

indices a and r refer to the axial and radial directions, 

respectively. 
 

3.2 In situ rock mass stress 

Measurements of rock stresses have been made 

in combination with various underground 

projects throughout the country during the last 50 

years with the hydraulic fracturing and 

overcoring methods (Loftsson et al. 2006, 

Hemmingsen 2016). The vertical stress 

components can be assumed to follow the 

worldwide trend with an increasing slope of 

0.027 MN/m3 with depth. The horizontal stresses, 

on the other hand, are unconventional. The 

horizontal stresses are usually expressed as the 

rock stress coefficient k defined as 

 1
2 h H

v

k
 




  (1) 

where h, H and v are the minor and major 

horizontal and vertical stress components, 

respectively. The results of the rock stress 

coefficient measurements as a function of depth 

are shown in Figure10. 
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Table 1. Some typical technical properties of common Icelandic bedrock (based on Guðmundsson et al. 1991). 

Porperty Basalt Scoria Sedim. rock 

Fine-grained 

Sedim. rock 

Coarse-grained 

Fault Breccia 

UCS [MPa] 100 – 300 20 – 60 5 – 30 5 – 80 1 - 20 

E [GPa] 20 – 60 2 – 20 2 – 10 2 – 15 ? 

Q – value [-] 4 -12 3 – 10 0.1 – 3 0.5 – 4 0.01 1.0 

Typical strata thickness [m] 2 – 15 0.5 – 5 0.2 – 5.0 1 – 10 0.1 – 2 
UCS is the Uniaxial Compression Strength of intact rock specimens of 50 mm in diameter.  

E is the Young modulus (stiffness) of intact rock specimens. 

Q-value is the NGI Quality value (https://www.ngi.no/eng/Services/Technical-expertise-A-Z/Engineering-geology-and-rock-mechanics/Q-system)  

 

 

 
Figure 10. Rock stress coefficient as a function of 

depth from 17 stress measurement locations in 

Iceland. The black and red lines represent the upper 

and lower boundaries based on worldwide trends.  

 

The red and black lines represent the 

worldwide lower and upper limit trends (Hudson 

and Harrison 2002) expressed as 

100 1500
0.3 0.5k

z z
     (2) 

where z is in metres. 

As can be seen in Figure 10 the rock stress 

coefficient is generally very low and many 

measurements reveal values that are even lower 

than the lower boundary trend implicates. The 

reason for these low horizontal stresses is 

probably due to the divergent plate movements at 

the MAR which generate a pulling force in the 

crust that reduces horizontal compression.  

A simple relationship between the k-value and 

the horizontal deformation modulus Eh exist as 

1
0.25 7 0.001

h
k E

z

 
   

 
 (3) 

where Eh is given in GPa and z in m (Sheory 

1994). The previously obtained results are shown 

in Figure 11 along with three Eh values.  

Based on Figure 11 it is clear that the 

deformation moduli in the country lie mainly 

between 4 and 35 GPa, particularly at depths 

shallower than 300 m. At one location in the 

oldest bedrock (furthest away from the rift zone) 

a deformation modulus as high as 70 GPa was 

observed at depths greater than 300 meters. 

3.3 Underground openings 

There are basically two types of underground 

openings constructed in the country, i.e. as a part 

of hydropower schemes (access, headrace- & 

tailrace tunnels, vertical shafts, power houses) 

and road tunnels. The building of underground 

openings began in 1948 with the 30m long 

Arnardalshamar road tunnel and culminated in 

2004 – 2008 with the construction of the 

Kárahnjúkar hydropower plant where all together 

73 km of tunnels were built, of which around 48 
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km were full face TBM bored tunnels (Loftsson 

et al. 2005; Bjarnason et al. 2019).  

 
Figure 11. Rock stress coefficient as a function of 

depth. The lines represent three values of the 

horizontal deformation modulus.  

 

The structural stability design of the 

underground openings has almost solely been 

based on the Q-system (NGI 2015). The 

reinforcement strategy presented there works 

well over the entire range of Q-values. i.e. from 

spot bolting in extremely good conditions 

through systematic bolting and fibre reinforced 

shotcrete to rib reinforcements in very or 

extremely poor conditions.  

The main problems that occur in rock mass 

underground openings are usually related to: 

 Water leakage 

 Geothermal heat 

 Layered strata 

 Sedimentary layers 

The rock mass is often highly fractured, with 

thin layers and irregularly directed dikes and 

other weakness planes. Furthermore, the 

horizontal stresses are low. The permeability of 

the rock mass can therefore be expected to be 

high. In areas with high groundwater table a large 

inflow of water has occurred that has been 

difficult to control.  

 In areas where the heat gradient is high, the 

rock mass can in some areas have a temperature 

up to 70 – 80 °C at depths of just a few hundred 

metres. Where water inflow has also taken place, 

this has caused difficult working conditions.  

 The fact that the strata are built up of thin 

layers ranging from a few tens of cm to a few 

metres or tens of metres that frequently further 

dip from horizontal, means that tunnels are 

always crossing new layer interfaces. The rock 

face consists therefore frequently of mixed layers 

of materials with different mechanical properties. 

Stress concentrations can therefore be observed 

at the layers´ boundaries, and if a weak layer 

appears in the crown the risk of instability is high.  

4 SOIL CONDITIONS 

The local soil conditions consist mostly of 

normally consolidated Holocene soils of basaltic 

origin. The soils have been created by glacial or 

weather erosion and transported by aerial or 

fluvial processes, usually from the central plateau 

towards the coast. Some soil movement occurred 

in catastrophic events, such as in volcanic 

eruptions or by glacial floods. This means mostly 

that the local soils are coarse-grained aggregates 

(coarse silty particles and coarser grains) that are 

often loosely compacted. The finer fractions, 

which settle in low streams, are transported to the 

sea. An example of typical soil conditions is 

shown in Figure 12 where a newly constructed 

bridge over the River Morsá is shown in the 

foreground and the Öræfajökull Glacier (part of 

the Vatnajökull) in the background. The soils 

shown are fluvial sandy or gravelly soils and have 

been transported mainly in catastrophic events 

originated from volcanic or geothermal activity 

under the Vatnajökull Glacier. 
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Figure 12. Thick sediments of loosely compacted 

sandy and gravelly soils in the forefront that have been 

piled up mainly in catastrophic events such as 

volcanic eruptions or glacial flow. Figure courtesy of 

by V. A. Ingólfsson. 
 

Figure 13. Mt. Hekla has created thick sediments of 

pumice in prehistoric eruptions. Sólnes et al. 2013 

(Pálmi Hannesson/Sólarfilma).  

Additionally there are soils that have been 

created in volcanic eruptions. Ash and pumice 

from Holocene volcanic eruptions can be found 

in some areas such as near some of the active 

volcanoes. Pumice is a lightweight and highly 

porous material of low strength. However, it also 

has good thermal properties and has been used in 

mortar or as thermal isolation layers in 

construction (see Figure 13). 

As in many northern European countries and 

in North America peat deposits can be found in 

some places in Iceland. The local climate, 

geography and environment favour bog and peat 

bog formations. The peat is usually lightly 

decomposed with a high void content and water 

content as high as a few hundred to one thousand 

per cent. Figure 14 shows a thin road structure 

resting on peaty land. The pavement structure 

was damaged in the June 17, 2000, earthquake 

(Mw 6.5) due to liquefaction of the underlaying 

soft peat. 

 

 

Figure 14. A pavement structure resting on a peaty 

subgrade in Holt, South Iceland that liquefied in the 

June 17, 2000 earthquake (Mw 6.5). Figure courtesy of 

V. A. Ingólfsson.  

 

The main soil categories according to the 

Unified Soil Classification System (USCS) are 

gravel (G), sand (S) and silt (M) or mixtures of 

these fractions, as well as organic soils (peat). 

The fine particles (diameter < 63 m) consist 

mostly of silt size fractions (between 2 and 63 
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m); thus hardly any clayey soils can be found in 

the country.  

4.1 Deformation properties 

The deformation characteristics of the soils, for 

settlement predictions, are usually estimated with 

Janbu’s Modulus Method (Janbu 1970). The 

load-deformation relationship is therefore 

estimated by a one-dimensional compressional 

(oedometer) test where the slope of the curve in 

the stress strain plot, the tangent modulus Mt, can 

be expressed as:  

´
t

d
M

d




  (4) 

where d´ and d are the increments of effective 

stress and strain, respectively. The tangent 

modulus can be assumed to follow the 

relationship:  
1
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where m and a are material parameters and a is 

a reference stress (100 kPa). By rewriting 

equation (4) and integrating, the strain can be 

estimated by 
0
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Based on a large amount of testing (Skúlason 

1978) the two parameters, the modulus number m 

and the stress exponent a for saturated samples, 

have been estimated for different soil types (see 

Figures 15 – 17). The stress exponent can be 

assumed as 1.0 for coarse gravel, 0.5 for silt and 

sandy materials, and 0.0 for clay and organic 

(peaty) soils. 

 

 
Figure 15. Tanget modulus Mt (Mt = ma as a = 1.0) 

of saturated sandy materials as a function of moisture 

content.  

 

 
Figure 16. Modulus number m of saturated silty 

materials as a function of moisture content.  

 

 
Figure 17. Modulus number m of saturated peat as a 

function of moisture content. Note that the moisture 

content is high, ranging from 150 – 1000%.  

 

Furthermore, the soil types exhibit time 

dependent deformations that are not stress 
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dependent. Again, the soil parameter, the time 

resistance R, is usually estimated according to 

Janbus method (Janbu 1970), i.e. 

 s r r

dt
R r t t t t

d
     (9) 

where rs is the time resistance coefficient and tr is 

a reference time (for most soils it can be assumed 

that tr = 0) (Skúlason 1978). The induced strain 

as a function of time can now be estimated as 

1
ln

s

s p

t

r t


 
  

 
 

 (10) 

where tp is the time for the primary consolidation. 

The time resistance coefficient rs for the three 

soil groups of sand, silt and peat are shown in 

Figures 18 – 20. 

 
Figure 18. Time resistance coefficient rs for sand as a 

function of moisture content.  

 

 
Figure 19. Time resistance coefficient rs for silt as a 

function of moisture content.  

 

 
Figure 20. Time resistance coefficient rs for peat as a 

function of moisture content. Note the high in-situ 

moisture content. 

4.2 Strength characteristics 

Most soils in Iceland are coarse-grained with a 

low fine content. Hence they are non-cohesive 

with no or little plasticity. The main strength 

parameter is therefore consequently the friction 

angle ´ and the cohesion c can be ignored. The 

friction angle in a compacted state is, however, 

relatively high as compared to many other 

regions. The reason for this is probably linked to 

the surface characteristics of the grains that are 

frequently angular with fresh surfaces and sharp 

corners that show good interlocking effects in a 

compacted state.   

 

 
Figure 21. Magnified image of sand particles from a 

sample from test pit at the proposed Urridafoss HE 

project site (Wells 2009). 
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Common values of friction angles of well 

compacted materials are given in Table 2 

(Skúlason et al. 2002, Pálmason 2018). 

 
Table 2. Common friction angles for well compacted 

soils in Iceland.  

Soil type Friction angle [°] 

Gravelly soil 50 – 65 

Sandy soil 42 – 48 

Silty moraine 40 – 47 

 

4.3 Classification of soils 

For soil exploration, dynamic sounding and 

rotary/percussion sounding have frequently been 

used successfully. They both suit well for coarse-

grained materials and as the cone head or crown 

is robust, there is little risk of damaging during 

testing. In both methods, the rod can both be 

pushed downwards and rotated and can therefore 

penetrate through all soil types, ranging from 

fine-grained to very coarse- grained soils or rock. 

The interpretation of the data for soil 

classification is however somewhat difficult, 

although depth to firm ground (bedrock) can be 

estimated.  

A Standard Penetration test (SPT) or Cone 

Penetration test (CPT) is further used. An 

example of  CPT test results on the south coast at 

a location close to Þorlákshöfn is given in Figure 

22. This is a site consisting of typical non-

cohesive material with particle sizes ranging 

from silty particles and larger. Although the site 

deposit is very thick, the test was terminated at 

8.3 m depth due to high resistance and 

consequently risk of damage to the CPT cone. 

This was probably due to the fact that the cone hit  

larger boulders that fequently occur in the local 

soils.  

 

  

 

 
Figure 22. CPT results from a sandy site on the south coast close to Þorlákshöfn. 
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The results of the CPT measurements were 

then used to classify the deposit using the 

normalized soil behaviour type (SBTn) chart 

(Robertson 1990 and 2009) (see Figure 23). Most 

of the data points are classified as soil behaviour 

type 6 “sands – clean sand to silty sand”. 

However, some data points, mainly in the depth 

range of 5.0-5.7 m, are classified as type 5 “sand 

mixtures – silty sand to sandy silt”. 

 

 
Figure 23. Normalized soil behaviour type (SBTn) 

chart with results of CPT measurements at the 

Þorlákshöfn site. 

 

Multichannel Analysis of Surface Waves 

(MASW) measurements have subsequently been 

conducted at the site. The method is non-

invasive and it is suitable on soft as well as 

coarse-grained soils. The method gives the 

shear wave velocity of the soil stratum (Park et 

al. 1999, Ólafsdóttir et al. 2018). Various 

correlation equations exist between shear wave 

velocity Vs and different CPT-related parameters, 

such as cone resistance (qc), corrected cone 

resistance (qt), sleeve friction (fs), overburden 

stress (σv0), effective stress (σ’
v0) and depth (z). 

Examples of CPT-VS correlations, either intended 

for sands or for all soil types, are provided in   

Table 3 (Ólafsdóttir et al. 2019b, Erlingsson et 

al. 2017).  
 

Table 3. Examples of CPT-VS correlation equations. 

𝑉𝑆 ≈ 17.48𝑞𝑐
0.13(𝜎𝑣0

′ )0.27  Baldi et al. (1989) 

𝑉𝑆 ≈ (10.1 log(𝑞𝑐) − 11.4)1.67 (
100𝑓𝑠
𝑞𝑐

)
0.3

 
Hegazy and Mayne 

(1995) 

𝑉𝑆 ≈ 118.8 log(𝑓𝑠) + 18.5  Mayne (2007) 

𝑉𝑆 ≈ 32.3𝑞𝑐
0.089𝑓𝑠

0.121𝑧0.215  Piratheepan (2002) 

𝑉𝑆 ≈ 134.1 + 0.0052𝑞𝑐  Sykora and Stokoe 

(1983) 

𝑞𝑐, 𝑞𝑡, 𝑓𝑠, 𝜎𝑣0 and 𝜎′𝑣0 in kPa and 𝑧 in meters. 𝑝𝑎 = 100 kPa. 

 

The CPT-VS correlations in Table 3 were 

applied to the acquired CPT data. Figure 24  

compares the VS-profiles predicted based on the 

CPT-VS correlation equations and the profile that 

was obtained by the MASW method.  
 

 
Figure 24. VS-profiles for the Þorlákshöfn site 

predicted based on selected CPT-VS correlations and 

obtained by MASW.  
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One can see in Figure 24 that the proposed 

equation by Sykora and Stokoe (1983) fits the 

data relatively nicely. It is necessary, however, to 

bear in mind that this is a relatively shallow 

profile. Further validation is needed.  

5 INFRASTRUCTURE PROJECTS 

Geotechnical engineering and engineering rock 

mechanics have played a major roll in forming 

modern Icleand, in building the road 

infrastructure, and harnessing of hydropower and 

geothermal energy, as well as in the construction 

of the ports and harbours along the coast.  

Here are a few examples of projects to give the 

reader insight into problems that we have been 

facing.  

5.1 Rock tunnels   

As of today, 14 road tunnels are part of the road 

network for a total of over 65 km of tunnels. Most 

tunnels include two lanes, giving a cross-

sectional area of around 55 m2. In addition, the 

total length of tunnels associated with 

hydropower utility is around 85 km with a cross-

section area that varies from 6 to over 150 m2 

(Loftsson et al. 2005) Reinforcement is mainly 

designed according to the Q-system and on 

average around 3 rockbolts (3 m long) are used 

per metre for tunnels with ~8 m span (cross 

section around 54 m2) and 2.5 m3/m of fibre- 

reinforced shotcrete. If conditions are very poor 

shotcrete ribs or lattice girders provide additional 

support that has been proven to be both economic 

and durable. An example of using lattice girders 

is shown in Figure 25. 

Due to the Tertiary volcanic activity the local 

bedrock is piled up in thin layers, frequently with 

interlayers. An example of a tunnel face from the 

Vaðlaheiði road tunnel is shown in Figure 26. In 

the crown a basaltic layer can be seen with a thin 

layer of scoria underneath. Below this there is a 

soft red sedimentary layer resting on a thin 

scora/basalt layer on top of another thin brownish 

sedimentary layer. Finally, in the insert a new 

scoria and basalt layer can be seen.  

 

 

Figure 25. Lattice girders as a support in the 2-lane 

Vaðlaheiði road tunnel. Figure courtesy of B. A. 

Harðarson.  
 

 

Figure 26. Drilling into a layered face at the Óshlíð 

road tunnel. Figure courtesy of B. A. Harðarson. 
 

The general low horizontal stresses and 

frequently fractured rock mass with irregular 

interbeds can lead to major water inflow into 

tunnels if excavation takes place under the 

groundwater table in the rock mass. This has 

happened in some tunnel excavations such as the 

Vestfjörður tunnel, Héðinsfjarðar tunnel and 

Vaðlaheiði tunnel, leading to delays and 

increased cost. An example of a water inflow into 

the Héðinsfjörður tunnel is shown in Figure 27.   
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Figure 27. Water inflow into the Héðinfjörður tunnel. 

Figure courtesy of B. A. Harðarson.  
 

5.2 Hydropower utility and dams 

Iceland’s numerous rivers are relatively short but 

with a large head and high run-off. This makes 

them very suitable for generating electricity. As 

of today hydropower accounts for almost 73% of 

all electricity production in Iceland (Bjarnason et 

al. 2019). Harvested electricity comes mainly 

from glacial rivers that have a seasonally varied 

flow rate. Water reservoirs with associated dams 

are therefore necessary. Today 29 dams in 

Iceland meet the criteria set by ICOLD 

(International Commission on Large Dams) for 

large dams. The oldest one is the Skeiðfoss dam, 

a concrete buttress structure constructed in 1945, 

and the most recent one is the Sporðalda dam 

commissioned in 2013 (Bjarnason et al. 2019).  

Most dams are earth-rockfill dams with a central 

impervious moraine core (23 dams), abutted by 

gravel filters, supporting fills and riprap for 

erosion and wave protection. Other types of large 

dams in Iceland are two concrete-faced rock fill 

dams (CFRD), one asphalt concrete-faced dam, 

one gravity dam and two buttress dams. A cross 

section of Búrfell dam is given in Figure 28.  

 

 

Figure 28. Cross section of the 5.9 km long and 33 m 

high Búrfell dam. The core consists of local loessic 

soil with alluvial gravel filter material and rock-fill 

shells. Figure courtesy of H. Bjarnason. 

 

Many of the hydropower stations are located in 

the Þjórsá-Tungná-Kaldakvísl area in the 

outskirts of the SISZ. Seismic aspects need 

therefore to be taken into account in the design 

process. An attempt was made in 2018 to assess 

the shear stiffness of three dam structures 

(Ólafsdóttir et al. 2019a) using the MASW 

technique (see Figure 29). The purpose was to 

estimate their structural health and to create a 

base in order to be able to observe potential 

changes in the future.  

 

 

Figure 29. Location of MASW test sites at Sigalda 

dam, Sporðalda dam and Sultartangi dam. [The map 

is based on data from the National Land Survey of 

Iceland.]. 
 

Results from the two MASW measurments at 

the Sultartangi dam are shown in Figure 30.  

 

.  
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Figure 30. Results of MASW measurements at two locations on the crest of the Sultartangi dam (site A and B). 

Dispersion images obtained at Sultartangi site A by using survey profiles of length (a) 11.5 m and (b) 23 m. 

Estimated (c) shear wave velocity (𝑉𝑆). The theoretical dispersion curve corresponding to the 𝑉𝑆-profile for site 

A is shown using a black dashed line in (a) and (b). The assumed location of the groundwater table (GWT) within 

the central core of the dam is shown using a blue dashed line in (c). 

 

 

A simple model proposed by Seed and Idriss 

was therafter used to estimate the small-strain 

shear modulus of the dams 

max 2,max
1000 ´

m
G K   (11) 

where 𝐾2,𝑚𝑎𝑥 (kPa0.5) is an empirical coefficient 

(Gazetas 1991, Kramer 1996). 

The results are presented in Figure 31. They 

indicate that the experimentally evaluated small-

strain shear stiffness profiles can in general be 

fitted adequately with the empirical model. A 

value of K2,max in the range of 30-35 seems to 

provide the best fit between the experimental and 

empirical stiffness profiles for the Sigalda and 

Sporðalda dams. However, for the two test sites 

on the crest of the Sultartangi dam (where the 

central core was primarily made of loess), a 

slightly lower value of K2,max, or between 25-30, 

appears to provide the closest match. It can be 

further noted that a K2,max in the range 25 – 40 is 

classified as very dense sand and gravel (Gazetas 

1991). 

 

 

. 
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Figure 31. Comparison of empirical and experimental stiffness profiles for the (a) Sigalda dam site, (b) 

Sporðalda dam site and (c) Sultartangi dam sites. The empirical profiles were obtained by  the model of Seed 

and Idriss using four different K2,max values. 

 

 

In 2009 the Kárahnjúkar hydropower project 

(690 MW) was completed. It included the 

creation of the Hálslón reservoir (2100 Gl) by 

construction of three dams: two earth-rock-fill 

dams, the Desjará Dam and the Sauðárdalur Dam, 

and the concrete-faced rock fill (CFRD) 

Kárahnjúkar Dam that is the highest CFRD of its 

kind in Europe, 198 m (Bjarnason et al. 2019).  

Kárahnjúkar Dam, the Desjará Dam and the 

Sauðárdalur Dam are shown in Figure 32. 

5.3 Sesimic Hazard 

In 2000 two earthquakes occurred within the 

SISZ with only a 4 day interval, on the 17th and 

21st of June. Their magnitudes were both Mw6.5. 

Eight years later on May 29, 2008, the third 

earthquake hit the area (Mw6.3). Considerable 

damage was observed but no casualties 

(Einarsson 2008, Sigbjörnsson et al. 2009). 

Liquefaction was observed at Arnarbæli in the 

western part of the SISZ where sand boils were 

found on the bank of the River Ölfusá (Fig. 33).  

 

 

 

Figure 32. Hálslón Reservoir area; the Desjará Dam 

to the left, the Kárahnúkar Dam and spillway in the 

middle, the Sauðárdalsstífla Dam to the right. The 

Brúarjökull Glacier (part of the Vatnajökull Glacier) 

in the background. Figure courtesy of H. Bjarnason.  

 

The Arnarbæli site is located less than 1 km 

from the active fault that ruptured in the 2008 

earthquake. The estimated peak ground 

acceleration (PGA) for the site amax was in the 

range of 0.6–0.7g. The soil at the Arnarbæli site 

consists of loosely compacted glaciofluvial 

volcanic sand. The soil stratum is uniform down 
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to a great depth with the groundwater table close 

to the surface. Soil samples were collected at the 

Arnarbæli site by Green et al. (2012). The fine 

content of the material is around 7% and its grain 

size distribution lies well within the boundaries 

for potentially liquefiable soils, and partially 

within the boundaries identified as “most 

liquefiable soils” (Green et al. 2012; Tsuchida 

1970).  

 

Figure 33. Sand boils (liquefaction) on the bank of the 

River Ölfus close to the epicentre of the 29 May 2008 

Mw6.3 earthquake. Figure courtesy of O. Sigurðsson. 
 

A liquefaction resistance curve (VS1 – CRR 

curve) scaled to account for the effects of an 

Mw6.3 earthquake is presented in Fig. 34. The 

cyclic stress ratio and the normalized shear wave 

velocity were calculated for reference points at a 

depth ranging from 0.3 – 20.7 m and compared to 

the liquefaction resistance curve. The PGA of the 

site was estimated as 0.65g. The results presented 

in the figure indicate that liquefaction had 

occurred at the site down to around a 4 m depth. 

The complex local lava bedrock piles 

additionally show some unexpected behaviour. 

One such example is reported in Bessason and 

Kanyia (2002). In the June 17, 2000, earthquake 

(Mw 6.5) strong ground motion was recorded at 

both abutment piers of the 83 m long Thjórsá 

bridge, which is located in the SISZ. The east pier 

of the bridge is resting on bedrock but the west 

pier is resting on a 9 m thick Tertiary laval layer 

resting on a 20 m alluvial sand deposit on top of 

the bedrock (Figure 35).    

 

 
Figure 34. Liquefaction evaluation chart for the 

Arnarbæli site. 
 

 

 
Figure 35. a) The Thjórsá bridge. The left pier is 

resting on lava rock but the right pier is resting on 

bedrock. b) schematic cross section of the Thjórsá 

bridge. Figure courtesy of B. Bessason.  

a) 

b) 
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The three recorded acceleration time histories 

from the west and east abutments during the 

earthquake are shown in Figure 36.  

The observed peak ground acceleration (PGA) 

was 53% and 120% higher respectively in the 

N_S versus E_W components on the western 

abutment compared to the eastern abutment. 

-0.80

0.00

0.80

 

-0.80

0.00

0.80

A
c
c
e
le

ra
ti
o
n
  
- 

(g
)

 

0 5 10 15
Time - (s)

-0.80

0.00

0.80

0 5 10 15
Time - (s)

 

N-S N-S

E-W E-W

Vertical Vertical

WEST SIDE EAST SIDE

 
 
Figure 36. Recorded acceleration time histories at the 

Thjórsá bridge abutments. Figure courtesy of B. 

Bessason. 

 

This was further seen clearly in the elastic 

response spectra of the two sides, as shown in 

Figure 37 where the sesimic coefficient 

(horizontal over vertical spectral values) are 

shown.  
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Figure 37. Elastic response spectra (=5%) on each 

side of the Thjorsa River canyon for the earthquake 

occurring on 21 June 2000 (M=6.5, PGA=0.84g). 

Figure courtesy of B. Bessason. 

 

The complex lava strata of the western side 

show some considerable amplification compared 

to the simpler eastern side where the abutment 

rests directly on bedrock. The western side fits 

poorly in the soil categories defined in Eurocode 

8.  

5.4 Road structures 

Large parts of the Icelandic road network consist 

of thin flexible pavements with either a Hot Mix 

Asphalt layer or Bituminous Surface Treatments 

as the surface course over unbound base course 

and subbase layers. These structures are highly 

dependent on the performance of the unbound 

layers. Two typical structures were tested in a full 

scale Accelerated Pavement Testing (APT) using 

a Heavy Vehicle Simulator (HVS) testing facility 

for improving our understanding of the behaviour 

and the degradation of the structures under heavy 

loading. In the test over 500,000 rolling wheel 

load repetitions were applied (Erlingsson & 

Ingason 2004; Erlingsson 2005 and 2007). The 

structures were instrumented with deformation 

sensors, strain gauges and soil pressure cells. A 

cross section of one of the tested structures is 

shown in Figure 38. 

 
Figure 38. A thin pavement structure tested in an HVS 

testing facility.  
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The heavy traffic loading imposes a significant 

loading in the unbound base and subbase layers 

of such thin pavement structures. The nonlinear 

stiffness characterization of these layers is 

therefore of importance (see Figure 39), where 

both linear stiffness and non-linear stress 

dependent stiffness have been used. The stress 

dependent stiffness MR has been assumed to 

follow 
2

1

3
k

R

a

p
M k

p

 
  

 
 (12) 

where p is the mean principal stress level, pa is a 

reference stress (100 kPa) and k1 and k2 are 

material parameters.  

 
Figure 39. Induced vertical stress under the centre of 

a single tyre as a function of depth. The axle load was 

120 kN and the tyre pressure 800 kPa. 3D = three 

dimensional analysis, 2D Axi = two dimensional 

axisymmetric analysis, MLT = Multilayer theory, FE 

= finite element, LE = linear elastic, NLE non-linenar 

stress dependent elastic. 

 

Rutting predictions were then carried out using 

a simple power law function that gave a good 

agreement with actual measurements of 

permanent deformation development (see Figure 

40).  

 
Figure 40. Rutting prediction versus measurements of 

permanent deformation development as a function of 

load repetition. The permanent deformation 

development of each layer is shown (subgrade, 

subbase, base course) as well as their sum (top line)  

which is manifested on the surface as rutting. LVDT= 

Linear Variable Deflectometer Transducers at the top 

of each layer, predict = prediction based on the 

numerical anlyses.  

 

A new pavement design method and 

performance prediction scheme has been 

developed based on this. For further details, see 

Erlingsson and Ahmed (2013 and 2019) and 

Saevarsdottir and Erlingsson (2015).  

6 NEW CHALLENGES 

The effects of climate changes have created new 

geotechnical challenges. Two of them are related 

to retreats of the glaciers and sea level risings. 

They will be mentioned here briefly. 

Furthermore, ongoing development of a 

greenhouse gas mitigation method will be 

described.  
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6.1 Glacial retreats 

Glaciers cover about 11% of the country 

(Björnsson and Pálsson, 2008; Hannesdóttir et al. 

2014). Since 1995, the glacier mass loss due to 

climate warming has been continuous, and 

between 1995 and 2010 the largest ice cap, the 

Vatnajökull Glacier, lost almost 4% of its volume 

(Björnsson et al., 2013). This has caused 

significant changes on and around the present-

day outlet glaciers.  

The rapidly retreating outlet glaciers often 

leave steep valley sides behind which may 

become unstable because of loss of buttressing by 

the glacier, permafrost degradation and other 

factors (Stoffel, 2012).  

One example of such mass movements has 

taken place at Svínafellsheiði due to the retreat of 

the Svínafellsjökull (part of the Vatnajökull 

Glacier). In 2014, over a100 m long and up to 30 

cm wide fracture in bedrock was discovered in 

the Svínafellsheiði mountain slope. The fracture 

is located at 850 m a.s.l. in the uppermost part of 

a 500 m high, almost vertical mountainside 

(Sæmundsson et al. 2019). 

 

 

Figure 41. The Svínafellsheiði mountain slope. The 

solid black line marks the boundary between the 

topmost basalt layer and underlying 

móberg/hyaloclastite, the dotted black line shows the 

observed fracture, and the transparent red polygons 

shows the overhangs in the basaltic area. Figure 

courtesy of Þ. Sæmundsson. 

6.2 Sea level rising 

Due to the complex geological activity and 

tectonic movements of the country as well as the 

retreat of the large icecaps, irregular vertical 

displacement continues to take place on the 

Iceland plateau. Figure 42 shows the uplift 

measurements in Iceland during the period 2004 

– 2016. On average the land rise is about 1 cm per 

year, but with high spatial variations (Valsson 

2019). These vertical movements affect the 

design of sea portals and other near- coast 

structures. In the south-east the uplift is about 3.5 

cm/year and probably to a large extent due to the 

large mass reduction of the Vatnajökull icecap. In 

other areas hardly any uplift has been measured 

or even sinking movements observed. For the 

capital area an average sinking movement of 0.6 

mm/y has been observed during these 12 years. 

For the period 1993 – 2004 the sinking 

movements were about 2 mm per year.  

 

 

Figure 42. Vertical movements during the period 2004 

– 2016 observed by GPS measurements. Figure 

courtesy of G. Valsson. 

 

6.3 Turning gas into rock by fixation 

Five major geothermal plants (> 50 MW) exist in 

Iceland, of which the Hellisheiði Power station is 

the biggest (303 MW). Like all other geothermal 

power plants, the Hellisheiði power plant emits 

geothermal gases such as the greenhouse gas 

carbon dioxide (CO2), but also hydrogen sulfide 

(H2S). The CO2 emission is, however, only a 

fraction of that stemming from fossil-fuel 

generation. A new method has been under 
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development to mineralize the carbon- dioxide 

and hydrogen-sulphide by turning gas into rock, 

referred to as mineralization (www. 

carbfix.com). The CO2-H2S gases emitted from 

the power plant are captured into condensate 

water from the power plant in  a scrubber and the 

gas-charged water injected deep into the hot 

basaltic rocks (>700m and >250°C) close to the 

power plant (Gunnarsson et al. 2018). Basalt 

plays an important role in this mineralization 

process as it contains a high amount of calcium, 

magnesium and iron which interact with the CO2 

and H2S to form minerals like calcite (CaCO2) 

and pyrite (fool’s gold; FeS2) (see Figure 43). The 

mineralization has proven to take less than a year 

at elevated temperatures and less than two years 

at 20-50°C, and the minerals can be stable for 

over centuries or even millions of years (Gislason 

and Oelkers 2014, Matter et al. 2016). The 

method can be utilized wherever carbon-dioxide 

is emitted in the vicinity of basaltic rock and close 

to water or sea-water sources. 

 

 

Figure 43. Schematic cross section of the CarbFix2 

injection site. Gas-charged and effluent water are 

injected separately to a depth of 750 m and then 

allowed to mix until they enter the aquifer at a depth 

of 1900–2200 m. This combined fluid flows down a 

hydraulic pressure gradient to monitoring wells. 

Figure courtesy of S. R. Gislason.   

 

7 CONCLUSION 

During the last 100 years, the Icelandic society 

has gone through extreme changes from being 

one of the poorest in Europe to a wealthy country 

with well functioning infrastructure. 

Geotechnology and related fields have played an 

important role in this transition related to 

construction and maintenance of portals, roads, 

bridges and tunnels, and harvesting of the 

hydropower as well as of geothermal energy. 

This paper has given a short overview of the 

geotechnical conditions in the country. 

Furthermore, some geotechnical engineering 

projects have been described. Finally, some new 

geotechnical challenges due to climate changes 

have been briefly introduced. 
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Hydraulic fills with special focus on liquefaction 
Remblais hydrauliques en dédiant une attention particulière à la 

liquéfaction 

A. Gens 

Technical University of Catalonia (UPC), Barcelona, Spain 

 
ABSTRACT:  Hydraulic fills are often deposited in a loose state making them susceptible to liquefaction. The 

paper focuses on flow/static liquefaction, a phenomenon that has led to a number of catastrophic failures. The 

current understanding of flow/static liquefaction, based on the concepts of critical/steady state and state 

parameter, is reviewed. Theoretical concepts such as that of controllability lead to a more rigorous definition of 

the undrained instability phenomena associated with flow liquefaction. Hydraulic fills are often characterised by 

in situ tests. Advanced numerical analyses of the piezocone penetration test (CPTu) on soils exhibiting undrained 

softening are presented and discussed. Two case histories involving the liquefaction of hydraulic fills are 

described. The first one concerns a tailings dam where hydraulic fill liquefaction was a consequence of an 

independent foundation failure. Tailings liquefaction, however, was the major contributor to the devastating 

consequences of the failure. The second case is the failure of a harbour quay where backfill liquefaction was the 

immediate cause of the failure and its consequences.  Some general considerations on the liquefaction of 

hydraulic fills close the paper.  

 

RÉSUMÉ:  Les remblais hydrauliques sont souvent déposés dans un état lâche, ce qui les rend vulnérables à la 

liquéfaction. L’article se concentre sur la liquéfaction statique, un phénomène qui a conduit à un certain nombre 

de ruptures catastrophiques. La compréhension actuelle de la liquéfaction statique, basée sur les concepts d'état 

critique ou stationnaire et de paramètre d'état, est examinée. Des concepts théoriques tels que celui de 

contrôlabilité conduisent à une définition plus rigoureuse des phénomènes d'instabilité non drainée associés à la 

liquéfaction statique. Les remblais hydrauliques sont souvent caractérisés par des essais in situ. Des analyses 

numériques avancées de l’essai de pénétration du piézocône (CPTu) sur des sols présentant un radoucissement 

non drainé sont présentées et discutées. Deux cas historiques impliquant la liquéfaction de remblais hydrauliques 

sont décrits. Le premier concerne une digue de résidus miniers où la liquéfaction du remblai hydraulique était la 

conséquence d'une rupture indépendante de la fondation. La liquéfaction des résidus a toutefois été le principal 

facteur des conséquences dévastatrices de cette rupture. Le deuxième cas se réfère à la faillite d’un quai de port 

où la liquéfaction du remblai était la cause immédiate de la rupture et de ses conséquences. Quelques 

considérations générales sur la liquéfaction des remblais hydrauliques sont exposées à la fin de l'article. 
 

Keywords: Hydraulic fills; liquefaction; brittleness; tailing dams; quays  

 

1 INTRODUCTION 

Hydraulic fills are deposited in place by a flowing 

stream of water (Figure 1). They are used widely 

in different types of civil and mining engineering 

projects. Although the use of hydraulic fills in 

embankment dams has largely lapsed, posibly as 

a consequence of the Fort Peck dam failure 

(Davies et al. 2002), they are frequently used in 

land reclamation projects or in the construction of 

harbour quays and esplanades where dredged 

material is often available (van‘t Hoff and van der 
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Kolff 2012). Tailings from mining operations are 

also often deposited hydraulically in ponds 

although, as a result of some recent devastating 

failures, dry stacking is becoming more common. 

The particle size and grading of hydraulic fills 

can be very variable depending on the source 

material and the velocity of the deposition flow. 

Often, hydraulic fills exhibit significant particle-

size segregation and a high degree of 

heterogeneity within the same area.  

 

 
Figure 1. Deposition of a hydraulic fill 

 

Hydraulic fills are often deposited in a loose 

state and are prone to liquefaction for a wide 

range of gradings from coarse sands to silts and 

any combination in between these limits. 

Although much liquefaction research has focused 

on sand, there is convincing evidence that 

presence of non-plastic fines may actually 

increase the potential for liquefaction (e.g. Lade 

and Yamamuro 1997).  

Although, for a considerable period, there was 

a certain amount of confusion in liquefaction 

terminology, it is now generally accepted that it 

is useful to distinguish the phenomenon of 

flow/static liquefaction from that of cyclic 

liquefaction or cyclic mobility.   

Flow/static liquefaction is associated with 

undrained softening behaviour and it often leads 

to catastrophic failures. Herein, the term flow 

liquefaction will be preferentially used because 

this type of liquefaction can also be triggered by 

cyclic loading. Carrera et al. (2011) have 

proposed the term ‘true (or complete) 

liquefaction’ for the extreme case when the 

deviator stress becomes zero at the end of 

undrained softening. 

Cyclic liquefaction is not dependent on 

undrained softening and results from the 

accumulation of pore pressures during cyclic 

loading. Earthquake loading and storm loading 

on offshore structures are common examples of 

cyclic loading. The generation of pore pressures 

is enhanced if cyclic loading involves shear stress 

reversal.  If, as a result of cyclic loading, very low 

effective stress states are reached, large 

deformations can occur although they largely 

stop once cyclic loading ends. The term cyclic 

mobility is usually applied to cases where zero 

effective stress is not approached and  

only limited deformations are produced.  

The typical undrained behaviour of non-plastic 

soils (including sands) is summarised in Figure 2 

in a somewhat idealized manner. When the 

material is very loose, a frequent state in 

hydraulic fills, undrained softening occurs with a 

significant loss of strength after the peak is 

reached (A). The soil exhibits a compressive 

behaviour with a significant generation of pore 

pressures. In contrast, when the material is very 

dense, dilatant behaviour is obtained (C). An 

intermediate behaviour (B) is also observed 

sometimes where the final dilatant behaviour is 

preceded by a compressive phase with limited 

undrained softening. This intermediate behaviour 

will not generally lead to very large 

displacements and catastrophic failures. In this 

paper, only flow liquefaction is considered 

corresponding to the behaviour depicted as A in 

Figure 2. As discussed below, the terms loose or 

dense have proper meaning only in the context of 

a particular stress level. 

Because flow liquefaction often results in 

catastrophic failures (Olson & Stark 2002, 

Jefferies & Been 2006, 2016), the phenomenon 

has been associated with many landmark cases 

involving hydraulic fills such as Fort Peck Dam 

(US) in 1938 (Casagrande, 1965), Lower San 

Fernando Dam (US) in 1971 (Seed et al. 1975, 
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Castro et al. 1989) and Nerlerk Berm (Canada) in 

1982-1983 (Sladen et al. 1985b). Tailing dams 

have also provided many instances of flow 

liquefaction failures (Davies et al. 2002, 

Santamarina et al. 2019), e.g. the cases of Stava 

Fluorite Mine in 1985 (Chandler and Tosatti 

1995), Sullivan Mine (Canada) in 1991 (Davies 

et al. 2002), Merriespruit Harmony Mine (South 

Africa) in 1994 (Fourie et al. 2001), Aznalcóllar 

tailings dam (Spain) in 1997 (Alonso and Gens 

2006a) and Fundão Tailings Dam in 2015 

(Morgenstern et al. 2016). 

 

 
Figure 2. Typical modes of undrained behaviour 

 

Naturally, flow liquefaction affects materials 

other than hydraulic fills. Important examples are 

Wachusett dam (US) in 1907 involving a sand fill 

placed (and lightly compacted) by carts (Olson et 

al. 2000), the failure of Aberfan spoil Tip No7 in 

Wales in 1966 involving uncompacted colliery 

waste (Bishop et al. 1969) and the dredged slopes 

of the guide bunds of the Jamuna bridge in 

Bangladesh (Yoshimine et al. 1999). The 

Aberfan case was significant not only due to the 

high number of casualties but also because it led 

to a significant advance in the understanding of 

flow liquefaction (Bishop et al. 1973). The 

Jamuna bridge case brought to the fore the 

unfavourable behaviour of micaceous sands 

compared to more conventional siliceous sands 

(Hight et al. 1999).  

This paper focuses on flow liquefaction in 

hydraulic fills although many of the concepts 

used are also applicable to other soils undergoing 

undrained softening. Given the importance and 

frequent catastrophic consequences, a large 

amount of research has been performed on flow 

liquefaction. This contribution is by no means 

intended as a state-of-the-art of the topic, it 

simply presents and discusses some selected 

aspects that have been considered relevant. 

Because of space/time limitations, remedial and 

mitigation measures are not dealt with here. 

The paper starts with an account of the current 

understanding of the mechanisms underlying the 

phenomenon of flow/static liquefaction, based on 

the concepts of critical/steady state and state 

parameter. It is shown that theoretical concepts 

such as that of controllability lead to a more 

rigorous definition of the undrained instability 

phenomena associated with flow liquefaction. 

The various forms of flow liquefaction triggering 

are presented next. Given that hydraulic fills are 

often characterised by in situ tests, some 

advanced numerical analyses of the piezocone 

test (CPTu) on soils exhibiting undrained 

softening are presented and discussed. Attention 

is given to the description of the constitutive law 

selected to represent undrained brittle behaviour. 

In order to provide context and relevance to the 

topic, two case histories involving the 

liquefaction of hydraulic fills are described: the 

failure of Aznalcóllar tailings dam and the failure 

of the Prat quay in Barcelona harbour. Some 

general considerations on the liquefaction of 

hydraulic fills close the paper. 

2 MECHANISM OF FLOW 

LIQUEFACTION 

2.1 Critical states and state parameter 

The mechanism of flow liquefaction is now 

reasonably well understood although there are 

still some uncertainty and controversy regarding 

some of its specific aspects. Here, only a 

summary description is given. Flow liquefaction 

mechanism is best examined in the context of the 

notion of critical state. The concept was 

introduced by Casagrande (1936) who observed 

that, in shear box tests, loose sands contracted 

A

B

C

A

B

C
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and dense stands dilated until reaching 

approximately the same void ratio after large 

displacements (Figure 3). This final void ratio 

was called the critical void ratio. No further 

volume change was observed once the sand had 

reached this final state. Critical void ratio turned 

out to be stress dependent (Taylor 1948). 

 

 

Figure 3.  Critical void ratio from direct shear tests 

(Casagrande 1975) 

 

More generally, the condition of a soil 

undergoing shear strains under constant stress 

and with no volume change is called the critical 

state of the soil and it is a key element of the 

critical state frameworks and models (Schofield 

and Wroth 1968). The relationship between 

critical void ratio and effective stress (usually the 

mean effective stress is selected) is the critical 

state line or critical state locus, CSL (Figure 4). 

Sometimes the line is alternatively called the 

steady state line (SSL) although the definitions of 

steady state and critical state are slightly 

different, as discussed below. Although, the 

critical state locus is often approximated as a 

straight line in semi-log space, in fact the line is 

often bilinear or curved (e.g. Figure 5). The 

increase of the slope of the CSL at high stresses 

is often attributed to particle crushing although it 

is debatable whether, in the case of evolving 

materials, a single plane is more appropriate than 

a single line (Muir Wood 2007, Ciantia et al. 

2019). It is interesting to note that early 

applications of critical state or critical void ratio 

concepts were made in the investigation of the 

flow liquefaction of Fort Peck dam; flow 

liquefaction and critical states appear to have 

been associated from the start. 

 
Figure 4. Critical state line for Kogyuk 350/2 sand 

(modified from Been and Jefferies 1985) 

 
Figure 5. Critical state line for Stava tailings 

(modified from Carrera et al. 2011) 
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An important contribution to the 

characterisation of the behaviour of soils has been 

the concept of state parameter, . It was 

anticipated in Wroth and Basett (1965) but it has 

been incorporated into the mainstream of soil 

mechanics though the work of Been, Jefferies and 

co-workers. In their seminal paper (Been and 

Jefferies 1985), the state parameter is simply 

defined as the difference between the current void 

ratio and the void ratio at critical state for the 

same mean effective stress (Figure 6). In this 

way, the character of a soil, loose or dense, is 

automatically related to the magnitude of the 

effective stress. An advantage of referring the 

state of the soil to its critical state is that the 

natural alternative, the normal consolidation line, 

is difficult to identify in some materials 

(especially granular ones) and it may be strongly 

dependent on the initial conditions of the 

specimen. Been and Jefferies (1985) showed that 

the state parameter provided a more unified 

perspective of soil behaviour, especially for 

sands. Naturally, the behaviour of the soils cannot 

depend uniquely on the state parameter; other 

parameters such as fabric and anisotropy are 

required (Been et al. 1991). It is again interesting 

to note that the development of the state 

parameter concept was made in the context of 

providing a rational engineering approach to the 

construction of structures using undensified 

hydraulic sand fills. 

2.2 Undrained softening  

The mechanism underlying flow liquefaction is 

illustrated by the undrained stress path and stress-

strain curve of Figure 7; it corresponds to 

behaviour type A of Figure 2. The key feature is 

that the deviatoric stress reaches a peak 

(sometimes called instability point) and the 

material softens afterwards, i.e. the undrained 

shear strength reduces. The stress path and stress-

strain curve finally reach a point where no further 

pore pressure develops and deviatoric strains 

increase indefinetely, i.e. the critical state (CS) 

has been reached. Accordingly, the end point will 

be basically controlled by void ratio and effective 

stress magnitude following the CSL relationship. 

Large positive pore pressures develop 

corresponding to the compressive nature of the 

soil; hence development of flow liquefaction is 

closely related to positive values (or even slightly 

negative) of the state parameter. If the void ratio 

is very high and plots above the critical state 

value at very low mean effective stress (see 

Figure 5), then the stress path will go all the way 

down to zero deviator stress (Carrera et al. 2011, 

Yamamuro and Lade 1998). As indicated above, 

this case has been named ‘true liquefaction’ on 

the basis that the shear strength of the soil now 

truly becomes zero (Carrera et al. 2011). 

However, as undrained softening (without 

reaching zero strength) can also lead to flow 

liquefaction and, consequently, to catastrophic 

outcomes, no distinction will be made in this 

paper between undrained softening and true 

liquefaction although, naturally, the 

consequences of a failure would be more drastic 

if a soil does reach a zero shear strength value. 

 

 
Figure 6. Definition of state parameter,  (modified 

from Been et al. 1991) 
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a) 

 
b) 

Figure 7. Undrained softening: a) effective stress 

path; b) stress-strain curve 

 

The association of flow liquefaction with 

undrained softening and pore pressure increase 

was already clearly identified in the stress-

controlled tests carried out by Castro (1969) 

(Figure 8). It should be noted that, because of the 

stress-controlled nature of the tests, the strain rate 

after peak is several orders of magnitude larger 

than the strain rate before the peak, raising some 

questions about potential rate effects. The same 

undrained softening mechanism was also 

recognized by Bishop et al. (1969) and Bishop 

(1973) as the ultimate cause underlying the 

Aberfan disaster. To quantify the magnitude of 

softening, Bishop (1973) proposed the definition 

of a brittleness index that, for an undrained case, 

reads: 
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where (cu)f   is the peak undrained shear strength 

and  (cu)r is the residual (critical state)  undrained 

shear strength. The peak point and the critical 

state have in fact very different characteristics as 

discussed in the next two subsections. 

 

 
Figure 8. Results of a stress controlled test on loose 

Banding sand (modified from Bishop 1973, data from 

Castro 1969): deviator stress-axial strain curve and 

pore pressure-axial strain curve 

2.3 Critical/steady state 

As indicated above, the final state of the soil after 

undrained softening corresponds closely to the 

definition of critical state (Jefferies and Been 

2006). In terms of effective stress, the mobilised 

friction angle corresponds to that of critical state 

(or constant volume). In the context of flow 

liquefaction, the final state has also been called 

steady state. It has been defined by Poulos (1981) 

as follows: ‘the steady state of deformation of any 

mass of particles is that state in which the mass is 

Peak

CS

Peak

CS
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continuously deforming at constant volume, 

constant normal effective stress, constant shear 

stress and constant velocity’. Thus, the main 

difference compared to critical state is that a 

constant velocity is additionally prescribed. The 

notion of steady state has been central to the 

development and application of the steady state 

approach to liquefaction evaluation (Poulos et al. 

1985). Often, however, critical state and steady 

state are used interchangeably. The final strength 

after softening has also been called liquefied 

strength or residual strength. 

Been et al. (1991) found the same critical state 

for Erksak sand independently of strain rate even 

when comparing strain-controlled and stress-

controlled tests. However, they acknowledge that 

different results may be obtained testing other 

materials such as finer silty sands. In fact, the 

issue of the uniqueness or otherwise of the critical 

state line has a long history. Casagrande (1975) 

and Alarcon et al. (1988) distinguished between 

“S” and “F” lines. The “S” line would correspond 

to drained triaxial tests whereas the “F” line 

would correspond to undrained triaxial tests. In 

fact, this distinction cannot be considered correct 

within the framework of the effective stress 

principle, as drained/undrained situations are 

boundary conditions that should not affect the 

fundamental behaviour of the soil. 

However, at observational level, the question 

of uniqueness of the critical state line remains 

largely unresolved. Some studies have found a 

unique critical state line (e.g. Been et al 1991, 

Ishihara 1993, Fourie and Papageorgiou 2001, 

Carrera et al. 2011, Li et al. 2018) whereas non 

uniqueness has been reported from other sources 

(Konrad 1993, Kuerbis and Vaid 1988, Vaid et al. 

1990, Hird and Hassona 1990). Coop (2015) has 

identified a range of soils (named ‘transitional 

soils’) where the critical state framework faces 

significant limitations.  

In any case, account should be taken of the 

experimental difficulties of determining the 

critical state accurately. They arise from different 

causes: the limitation of the axial strain that can 

be achieved in the triaxial apparatus, the need for 

area and membrane penetration corrections, 

accounting for volume changes during 

backpressure saturation, the effects of strain 

localisation, and incorporating inertial effects in 

the interpretation of stress-controlled tests. 

Probably, more research is required on this topic 

especially at the very high strain rates involved in 

field liquefaction phenomena. 

2.4 Peak strength 

Whereas the final state after undrained 

softening is reasonably well established based on 

critical state considerations, there are less 

conceptual constraints concerning the point of 

maximum (peak) strength that signals the onset 

of instability. It can be noted that peak strength is 

reached with a mobilised friction angle well 

below the critical state one. Because peak 

strength values increase in an approximately 

linear manner with mean effective stress, it is 

tempting to join the different peak state points to 

establish a kind of failure criteria in terms of 

effective stresses. Two different proposals have 

been made (Figure 9): a collapse line that passes 

through the steady state point (Sladen et al. 

1985a, Ishihara 1993) and a flow liquefaction line 

that passes through the origin (Vaid and Chern 

1985, Lade 1993). Yang (2002) puts forward a 

proposal, based on the state parameter, to 

reconcile the two concepts. Probably, the 

different existing approaches just reflect the 

variability and lack of conceptual restrictions for 

this soil state. It has been observed, for instance, 

that peak strength is dependent on strain rate and 

consolidation stress path (Gens 1982). From both 

a fundamental and practical viewpoint, peak 

conditions are better considered based on 

undrained shear strength considerations rather 

than on effective stress parameters. 

An important factor that has not been 

sufficiently attended to, concerns the effect of 

anisotropic consolidation. For instance, the tests 

performed by Castro (1969) show a clear 

dependence of undrained sand behaviour on the 

nature of the initial stress state (Figure 10). 
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However, much of the laboratory experimental 

work on flow liquefaction has been performed on 

isotropically consolidated samples. Obviously, 

this condition does not correspond to the in situ 

stress state of a hydraulic fill where normally 

consolidated Ko conditions (and therefore 

anisotropic stresses) should prevail.  

 

 

 
a) 

 
b) 

Figure 9. Schematic diagram for peak strength 

envelopes (Yang 2002): a) collapse line concept; b) 

flow liquefaction line 

 
Figure 10. Stress paths for anisotropically 

consolidated undrained tests on saturated Banding 

sand (modified from Bishop 1973, data from Castro 

1969) 

Strong evidence of the effect of the initial state 

is provided by Fourie and Tshabalala (2005). 

They performed undrained triaxial tests on 

specimens of Merriespruit gold tailings and 

examined the results for each value of fines 

content.  As an example, Figure 11 shows the 

results from samples with 20% fines consolidated 

isotropically and anisotropically. The differences 

are apparent especially concerning the peak 

strength and the possible flow liquefaction line. 

Thus the stress ratio (=q/p’) at which peak is 

reached is about 0.6 for the isotropically 

consolidated samples but it rises to 0.9 for the 

anisotropically consolidated ones. A proper 

consideration of peak strength and associated 

undrained softening behaviour should be based 

on tests that adopt the correct initial stress state.  

Indeed, a general perspective should ideally also 

include the effect of principal stress orientation 

and intermediate principal stress (Symes et al. 

1984). 

2.5 Instability conditions 

Much work has been done to deal with material 

instability from a rigorous theoretical mechanics 

perspective (e.g. Nova 1989, 1994, Darve 1994, 

Borja, 2006, Nicot et al. 2007, Andrade 2009).  It 

is interesting to examine, from this general point 

of view, the instability event that takes place 

when the deviator stress reaches the value of peak 

strength. At that point (point P in Figure 12), 

there is an apparent inconsistency. When an 

undrained test reaches its peak strength, the 

material softens and collapses, especially under 

stress-controlled conditions. However, if the test 

is performed drained, the material crosses point P 

without any visible instability. 

This paradox is usefully explored using the 

important concept of controllability developed by 

Nova and co-workers (Nova 1994, Imposimato 

and Nova 1998). The concept addresses the role 

of control conditions in the onset of failure. The 

response of a material can be expressed as 

(Buscarnera and Whittle 2013):  
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  = XΨ  (2) 

where is the combination of control stresses 

and strains whereas  is the combination of 

stresses and strains that define the material 

response. X expresses the relationship between 

the applied variables and the material response. 

Stresses and strains in  and must be work- 

conjugate. Loss of controllability arises when: 

 

 det 0X  (3) 

 

 
a) 

 

 
b) 

Figure 11.  Stress paths from undrained triaxial 

compression tests on Merriespruit gold tailings with 

20% fines (Fourie and Tshabalala 2005): 

a) isotropically consolidated specimens;                           

b) anisotropically consolidated specimens 

 

The basic difference between a drained and 

undrained test lies in their different control 

variables. Specifically, in an undrained test a 

negligible volume change conditions is 

prescribed. Under those conditions, it is possible 

to define, within an elastoplastic framework, a 

critical liquefaction modulus as: 
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where f is the current yield surface, g the plastic 

modulus and K the elastic volumetric modulus. 

 

 
a) 

 
b) 

Figure 12. Drained and undrained behaviour of a soil 

exhibiting undrained softening: a) effective stress 

paths; b) stress-strain curves 
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Controllability is lost when the difference 

between hardening modulus and the critical 

liquefaction modulus ()  

 

 
LIQ LIQH H    (5) 

 

becomes zero or negative. 

This situation corresponds to the onset of 

liquefaction and  has been called stability index 

because it constitutes a scalar measure of stability 

(Buscarnera and Whittle 2013). In fact, 

Buscarnera et al. (2011) have shown that that it is 

possible to consider together controllability, 

uniqueness and existence of the incremental 

response of the material depending on the sign of 

the stability index. 

Instability can now be re-examined with 

reference to Figure 13 that shows the simulation 

of an undrained triaxial test on a loose sample of 

Toyoura sand using the elastoplastic model MIT-

S1 (Pestana and Whittle 1999).  Figure 13a 

presents the stress-strain curve together with the 

evolution of the stability index. It can be noted 

that the stability index becomes zero when the 

material reaches the peak undrained strength and 

it has a negative value during the softening 

branch of the test. The index goes back to zero on 

reaching critical state. The two components of the 

stability index, plastic modulus and critical 

liquefaction modulus, are plotted separately in 

Figure 13b. It is interesting to note that the plastic 

modulus is positive (i.e. strain hardening) 

throughout the test even during softening. 

Therefore, the drained test (that uses a different 

set of control variables) can remain stable in a 

strain hardening regime although there is 

obviously a latent instability present that can be 

triggered by a change of control conditions. 

 

 
a) 

 

 
b) 

Figure 13. MIT-S1 simulations of loose Toyoura sand 

(modified from Buscarnera and Whittle 2013): a) 

evolution of deviator stress and stability index; b) 

evolution of hardening modulus and critical modulus 

for liquefaction 

3 TRIGGERING FLOW 

LIQUEFACTION  

If a loose material is deposited along a slope, 

liquefaction may occur with minimum 

disturbance if the inclination is large enough (e.g. 

di Prisco et al. 1995). This phenomenon probably 

corresponds to the concept of ‘spontaneous 

liquefaction’ introduced by Terzaghi (1957). 

However, in other circumstances, a triggering 
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event is required to set off liquefaction. Consider 

for instance the undrained stress path of a 

specimen of a flow liquefaction-prone material 

after Ko consolidation (Figure 14a). It is 

necessary to apply an additional deviator stress to 

reach peak strength and start the softening 

regime. The additional deviator may arise from 

an undrained increase in vertical stress (total 

stress path A), a reduction in horizontal stress 

(total stress path B) or a combination of the two. 

It should be noted that, in terms of effective stress 

paths, the different undrained loading types are 

all equivalent. A drained lateral stress reduction 

may also lead to instability and liquefaction 

(Figure 14 b). Liquefaction can also be triggered 

by an increase of pore pressure that may be due 

to changes in hydraulic conditions (Figure 14 c) 

or to the effects of cyclic loading (Figure 14d). 

The latter case should not be confused with cyclic 

liquefaction. In all the three latter cases (14b, c, 

d), soil behaviour becomes undrained once the 

instability point has been reached.  

 

 

 

 

 
a) 

 
b) 

 
c) 

 
d) 

Figure 14. Triggering mechanisms for flow 

liquefaction: a) undrained increment of deviator 

stress; b) drained unloading; c) pore pressure 

increase due to change in hydraulic conditions; d) 

pore pressure increase due to cyclic loading 

 

AB
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A number of different physical triggering 

mechanisms for flow liquefactions have been 

identified (e.g. Martin and Mc Roberts 1999). 

They can be classified in the following manner: 

a) Load increase due to emplacement of the 

material or other construction activities on the 

surface. The placing of the material cannot be 

uniform as Ko conditions, by definition, will 

never lead to static failure. (Figure 14 a, path A). 

b) Lateral stress reduction due to foundation 

sliding, dam overtopping, toe erosion or 

excavation. In this unloading case, triggering 

may be undrained if those events are rapid 

(Figure 14a, path B) or drained if they occur very 

gradually (Figure 14b). 
c) Changes in pore pressures due to increased 

pond levels, unfavourable weather conditions or 

pore pressure redistribution (Figure 14c). 

d) Vibrational loads due to earthquakes, 

construction traffic or blasting (Figure 14 d). 

Lateral stress reduction due to basal sliding is 

a very common trigger of flow liquefaction. It has 

been identified in the cases of Fort Peck Dam, 

Mount Polley dam, Kingston fly ash dike and 

Fundão dam. In the failure of Aberfan spoil tip, 

the immediate cause was also a sliding on a pre-

existing shear surface that triggered the 

liquefaction of the colliery waste that had been 

taken close to saturation by rainfall. In 

Merriespruit dam, the lateral stress release was 

brought about by overtopping and rapid erosion 

of the dam. In the well-known case of Lower San 

Fernando dam, the triggering mechanism was not 

foundation failure and lateral stress reduction but 

the increase of pore pressures that resulted from 

the redistribution of pore pressures set up during 

the preceding earthquake. 

4 ANALYSIS OF THE CPTU TEST IN 

UNDRAINED SOFTENING 

MATERIALS  

4.1 General 

It is difficult to extract really undisturbed samples 

from most materials that are prone to flow 

liquefaction (clean sands, silty sands, sandy silts 

and silts). For this reason, soil characterization is 

usually based on in situ tests (Viana da Fonseca 

2013); currently, cone penetration tests (CPT and 

CPTu) are probably the most dominant ones. 

Normalized parameters based on cone 

penetration records have been used as a screening 

tool to assess whether a particular soil deposit is 

potentially flow-liquefiable. The most commonly 

used ones are: 

 

 ( ) /t t vo voQ q     (6) 

 / ( )s t voF f q   (7) 
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where qt is the total cone penetration resistance, 

u2 is the pore pressure  measured at the shoulder 

of the cone in CPTu tests, u0 is the initial pore 

pressure, and ’v0 and v0 are the initial effective 

and total vertical stresses respectively. 

Thus, Robertson (1990, 2009. 2010a, 2012, 

2016) used a Qt - F space to map regions of 

different soil type behaviour; potential flow 

liquefaction is associated materials with 

contractive behaviour. Alternatively, the 

potential for flow liquefaction can be evaluated 

by determining the state parameter, from the 

cone penetration data (Been et al. 1986, 1987, 

Jefferies and Been 2006, Robertson 2010b, Reid 

2015, Been 2016). The relationship between the 

state parameter and cone penetration resistance is 

not however unique but it is affected by a number 

of other soil properties that, ideally, should be 
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taken into account (Shuttle and Jefferies 1998). 

The availability of G0, independently measured 

with the seismic cone, can provide additional 

useful information for a more accurate estimation 

of the state parameter (Schnaid and Yu 2007).  

Undrained shear strength at the critical state 

(normalised by the initial effective vertical stress) 

have been estimated from backanalysed case 

histories (Olson and Stark 2002, Robertson 

2010). They fall in the range of 0.05 to 0.15. 

Empirical relationships have been developed 

relating those strength values (sometimes 

supplemented with laboratory test results) with 

cone penetration data (Yoshimini et al. 1999, 

Robertson 2010). The evaluation depends 

strongly on the specific value of the soil 

behaviour type (SBT) leading to some significant 

uncertainty. Critical state undrained strength can 

also be derived from the value of the state 

parameter (Jefferies and Been 2006); in this case, 

uncertainties arise from the method of state 

parameter estimation. 

In any case, interpretation of the cone 

penetration test is difficult and a satisfactory 

outcome would ideally require the combination 

of physical tests (calibration chambers or 

centrifuges), case histories and numerical 

analyses. There are a significant number of 

calibration chamber results but they are usually 

limited to clean sands leaving unexplored the 

important case of silts and silty materials. 

Interpretation of case histories is always 

approximate because relevant information is 

often missing or incomplete.  

The challenges for the numerical analysis of 

cone penetration are considerable. Shuttle and 

Jefferies (1998) and Shuttle and Cunning (2007) 

have performed large deformation analysis 

assimilating cone penetration to a spherical 

cavity expansion but, obviously, this approach, 

while providing important insights, can only be 

considered a first approximation. A more realistic 

simulation of cone penetration requires the 

incorporation of the actual geometry and dealing 

with the nonlinearities associated with large 

deformations, appropriate soil constitutive 

models and cone/soil interface characteristics. 

Advanced numerical procedures currently exist 

that allow the performance of such analyses with 

a reasonable degree of success. Examples are the 

various formulations of Arbitrary Lagrangian-

Eulerian procedures (ALE) (Wang et al. 2015) 

such as the Remeshing and Interpolation 

Technique by Small Strain (RITSS) (Zhou and 

Randolph 2009), the efficient ALE (EALE) 

approach (Nazem et al. 2006) and the Coupled 

Eulerian-Lagrangian (CEL) method  (Pucker et 

al. 2013). Other possibilities are the Material 

Point Method (MPM) (Solowski and Sloan 2015) 

or the Particle Finite Element Method (PFEM) 

(Oñate et al. 2004, Zhang et al. 2028). 

Applications of those methods to the cone 

penetration test have been reported in a number 

of cases (e.g. Lu et al. 2004, Nazem et al. 2012, 

Walker and Yu 2006, Ceccato et al. 2016, 2017, 

Gens et al. 2016, Monforte et al. 2017a, 2018) 

although they do not address the case of 

undrained softening.  

In this section, selected results of numerical 

analyses of the cone penetration test in an 

undrained softening material are presented. They 

are part of a systematic exploration of the effects 

of brittleness on the interpretation of the cone 

penetration test, currently under way.  

4.2 Features of the PFEM analyses 

The CPTu test has been analysed using the 

PFEM to examine the effect of increasing 

brittleness on the results of the cone penetration 

test. A coupled PFEM formulation (Monforte et 

al. 2017b, 2018) has been used in order to obtain 

not only the total cone resistance but also the  

pore pressure field developed during penetration. 

The PFEM can be summarised in the following 

points:  

- The nodes of the domain of analysis are 

treated as particles whose motion is tracked 

during the solution process 

- The particles are used as nodes of a Finite 

Element mesh. 
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- The FE discretization is periodically re-

meshed (h-adaptive techniques are used) by 

Delauney tessellation, new nodes are 

included if necessary, and element smoothing 

is performed 

- The continuum is modelled using an Updated 

Lagrangian formulation 

- Interpolation algorithms are applied to 

transfer information between successive 

meshes  

- Although it is not strictly required, well-

shaped low order elements are used 

The computational procedure sequence is 

illustrated in Figure 15. 

 

 
Figure 15. Scheme of a PFEM analysis 

 

However, because the simulation of flow-

liquefiable materials requires the representation 

of undrained softening, an additonal important 

development is required. It is well-known that 

conventional finite element analyses of softening 

materials rend to deliver non-objective results 

that exhibit a pathological dependence on mesh 

size (Bazant and Pijaudier-Cabot 1988, De Borst 

et al. 1993). In order to obtain correct results, it is 

necessary to use one of a number of existing 

regularization techniques (Bazant and Jirasek 

2002). For these analyses, a non-local 

formulation (Manica et al. 2018) based on the 

weighting function of Galavi and Schweiger 

(2010) has been incorporated into the PFEM 

procedure. The essence of the formulation is the 

assumption that the state of a particle point 

depends not only on the variables of the point 

itself but also on the variables of neighbouring 

points (Figure 16). 

 

 
a) 

 
b) 

Figure 16. a) Stress points considered in the 

neighbourhood of a point in a nonlocal formulation; 

b) Weighting functions  

 

4.3 Constitutive model 

There are significant number of constitutive 

models available that are capable of simulating 

the undrained softening that underlie flow 

liquefaction phenomena (e.g. Jefferies 1993, 

Manzari and Dafalias 1997, Yu 1998, Pestana 

and Whittle 1999, Gajo and Muir Wood 1999, 

Imam et al. 2005). Most are isotropic but the 

MIT–S1 model can account for anisotropic 

Gaussian 

distribution

Galavi & 

Schweiger (2010)
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behaviour (Pestana et al. 2002). In the analyses 

presented here, a somewhat modified version of 

the CASM model (Yu 1998) has been used and is 

briefly presented here. The CASM model has 

been selected because i) it is relatively simple 

having a single yield surface, ii) it is based on the 

state parameter concept, iii) it uses non-

associated plasticity allowing for instability 

phenomena to be reproduced, and iv) selecting 

appropriate parameters, it can mimic classical 

critical state models. Naturally, there are 

shortcomings associated with simplicity: the 

model is isotropic and the simulated behaviour 

inside the yield surface is quite simplistic. It has 

sufficient flexibility, however, to model a range 

of behaviour spanning from loose to dense states, 

including, naturally, the softening behaviour 

underlying flow liquefaction. 

A schematic summary of the model is 

presented in Figure 17 where the concept of state 

parameter, is illustrated. The reference state 

parameter, r, defines the spacing, r, between the 

reference consolidation line and the critical state 

line, CSL. The model is based on a general 

expression for the state boundary surface of the 

following form: 
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where  is the stress ratio (q/p’), M is the slope 

of the CSL in q-p’ space and n is a model 

parameter. 

From geometrical considerations (Figure 17): 
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and the following expression for the state 

boundary surface results: 
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Through the variation of n and r, a wide variety 

of yield surface shapes can be obtained making 

the model very suitable for application to a wide 

range of materials. 

The original CAM model used Rowe’s 

dilatancy rule for the plastic potential but for the 

applications reported here, the following flow 

rule has been preferred (Yu 2006, Gonzalez 

2011): 
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where dv
p and dq

p  are plastic volumetric and 

shear strains respectively and m is a parameter 

that controls the value of Ko for normally 

consolidated states. It can be noted that when 

=M (critical state), dilatancy is zero. The 

hardening law is the classical isotropic 

volumetric strain rule of critical state soil models.  

Often, it is required that the model is defined 

in terms of the undrained shear strength, (su)SS at 

critical (steady) state conditions. In that case, 

parameter r is expressed as (Gonzalez 2011): 
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where pe’ is the equivalent pressure and = (1-

) (Figure 17). 

Figure 18 shows the capability of the model for 

simulating dense and loose behaviour under 

undrained conditions. More details on the model 

is given in Yu (1998, 2006) and Gonzalez (2011). 

It should be pointed out that, in this model, the 

undrained softening behaviour takes place under 

strain hardening conditions as discussed in 

section 2.5. 
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Figure 17. Definition of the CASM model (modified 

from Yu (1998) 

4.4 Results 

As indicated above, a systematic exploration of 

the effects of brittleness on the interpretation of 

the cone penetration tests is currently under way, 

only some illustrative results are shown here. For 

the set of analyses selected, appropriate values of 

n and r have been chosen in order to obtain the 

series of undrained stress paths and stress-strain 

curves of Figure 19. It can be observed that the 

undrained peak strength is the same in all cases 

but the degree of brittleness varies. Case A 

exhibits the lowest critical state undrained shear 

strength and, consequently, the maximum 

brittleness whereas case G corresponds to the 

minimum degree of brittleness. 

The geometry and boundary conditions of the 

analyses are shown in Figure 20. The cone is 

pushed into the soil at the standard rate of 2 cm/s. 

Because of the low permeability adopted for the 

soil (a silty material has been assumed), 

penetration is basically undrained. The initial 

effective vertical and horizontal stresses are 96 

kPa and 56 kPa, respectively, i.e. a Ko value of 

0.58 has been assumed. Note that, because of the 

CASM model formulation, all results of the 

analyses can be normalized by the value of initial 

effective stresses. 

 

 
a) 

 

 
b) 

Figure 18. Range of soil behaviour simulated by the 

CASM model (Yu 1998). Effect of state parameter in 

an undrained triaxial test: a) effective stress path; b) 

stress-strain curves 

 

Figure 21 shows the results of the analyses in 

terms of net cone resistance (qn), i.e. the total 

cone resistance minus the total vertical stress, the 

excess pore pressure at the cone face (u1) and 

the excess pore pressure measured at the cone 

shoulder (u2) whereas Figure 22 shows the same 

results in terms of the normalised parameters Qt, 

Bq and Qt(1- Bq)+1. As expected, although all the 

cases have the same peak undrained shear 

strength, the degree of brittleness has a very 
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strong influence on the results. This is illustrated 

in Figure 23 where Qt, and Bq are plotted against 

Bishop’s brittleness index. The effect of 

brittleness on the development of pore pressures 

is apparent in Figure 24 where the pore pressures 

around the cone (normalised by the net cone 

resistance) are compared for cases A (maximum 

brittleness) and G (minimum brittleness). 

 

 
a) 

 
b) 

Figure 19. Simulated soil behaviour for the analyses 

of the CPTu test: a) effective stress path; b) stress-

strain curves 

 

 
Figure 20. Analysis of the CPTu test. Geometry and 

boundary conditions 

 

 
Figure 21. Results of the simulations of the CPTu test: 

net cone resistance (qn), excess pore pressure at the 

cone face (u1) and excess pore pressure at the cone 

shoulder (u2) 
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Figure 22. Results of the simulations of the CPTu test 

in terms of the normalised parameters Qt, Bq and Qt(1- 

Bq)+1. 

 

 
Figure 23. Variation of normalized parameters 

Qt, and Bq with brittleness index 

 

    

               a)                                       b) 

Figure 24. Contours of pore pressures (normalised by 

the net cone resistance): a) case A, maximum 

brittleness; b) case G, minimum brittlenes 

5 CASE HISTORY 1: AZNALCOLLAR 

DAM  

Aznalcóllar tailings dam failed 

catastrophically in April 1998 (Figure 25) when 

the top of the dam had reached a height of 28 m 

above foundation level. The case has been 

described in detail in Alonso and Gens (2006a) 

and Gens and Alonso (2006b). In this instance, 

tailings were not used to form the retaining 

structure but a rockfill dam with an upstream clay 

blanket was designed and built.  The dam failed 

by sliding on the foundation; the failure surface 

was located in the  blue Guadalquivir clay that 

underlie the site. Figure 26 shows the mechanism 

of failure.  The foundation clay exhibited the 

classical brittle behaviour associated with many 

stiff clays that led to the development of 

progressive failure. Failure resulted in a 

maximum quasi-horizontal displacement of over 

50 meters. The dam and the upper part of the 

foundation moved downstream as a rigid body. 

This large movement allowed the opening of a 

breach in the dam that in turn made possible the 

spillage of water and tailings. Water and tailings 

caused the visible erosion of the dam that allowed 

more material to be released into the 
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environment. In total, it is estimated that the 7 

million m3 spillage was composed of 5.5 million 

m3 of contaminated water, 1.3 million m3 of 

tailings and 0.2 million m3 of dam materials. 

Tailings were mainly dragged away by water 

erosion, most of the tailings remained inside the 

basin because they had a small degree of 

cementation and therefore a modest amount of 

cohesion. There were no casualties due to the 

failure but the environment damage was 

enormous. Acording to the multi-criteria ranking 

used by the worldminetailingsfailures.org. 

website, the Azanalcóllar failure  is one of  the 

twenty worst mine tailings disasters in history.  

 

 
Figure 25. View of Aznalcóllar dam after failure 

 

 
Figure 26. Mechanism of failure 

 

The tailings had been deposited hydraulically 

in the lagoon; the material involved in the sliding 

failure were silt-size pyrite tailings. Coarser 

materials (pyroclastic tailings) had been 

deposited in the adjacent basin but they were not 

involved in the foundation failure. The pyrite 

tailings had a quite uniform grading (average D50: 

10 microns). The material was non-plastic, with 

high density (3-3.3 g/cm3), a high friction angle 

(around 40º) and low permeability (about 10-6 - 

10-7 m/s).  There was clear evidence after the 

failure that the tailings close to the failed section 

of the dam had undergone liquefaction (Figure 

27). However, the liquefaction of the tailings was 

not the cause of the failure but a consequence. 

When the dam started to move on the slip surface, 

lateral stress reduced and deviatoric stress 

increased so that the undrained stress path went 

over the peak strength (similarly to stress path B 

in Figure 14a). Liquefaction followed from that 

moment on. 

 

 
 

Figure 27. Evidence of tailings liquefaction 

 

The study of the dynamics of the failure of 

Aznalcóllar dam was reported in Alonso and 

Gens (2006b). Because of the simple failure 

mechanism involved, it was possible to represent 

realistically the problem as a rigid body motion 

of the dam and upper part of the foundation 

materials (Figure 28). The moving body (mass 

M) is subjected to thrust (FT) and resisting (FR) 

forces. If they are not in equilibrium, an 

acceleration, a, will result (equation 15).  

 

 
T RF F F Ma      (15) 

 

 
Figure 28. Scheme of the motion analysis of 

Aznalcóllar dam slide (Alonso and Gens 2006b) 
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